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uckling-restrained braced frames are a type of lateral
force-resisting system currently used primarily for
steel buildings in moderate and high seismic zones.
These structures resist lateral loads using buckling-restrained
braces placed diagonally and connected to the beams and
columns of the frame in each story. Although bucklingrestrained braced frames are visually similar to conventional
concentrically braced frames, the unique characteristics of
buckling-restrained braces result in distinct behavior under
seismic loads. Buckling-restrained braces are typically composed of a high-ductility steel core plate surrounded by a
concrete- or grout-filled steel tube. Under compressive loads,
the concrete- or grout-filled tube prevents buckling of the
steel core plate (also known as the yielding core) to provide
an axial strength of the brace in compression that is similar
to the axial strength to the brace in tension. This characteristic creates stable and nearly symmetric hysteretic load-deformation behavior with large energy dissipation, allowing
the yield strength of the steel core to dictate the design of the
brace rather than the critical buckling load of the brace.1–5
Extensive research on steel buckling-restrained braced
frames has demonstrated that properly designed and detailed
frames concentrate damage during a seismic event in the
yielding region of the braces, while the beams and columns
essentially behave elastically.3,6–9 These findings led to the
codification of steel buckling-restrained braced frames for
use in the United States beginning in the 2005 edition of
the American Society of Civil Engineers’ Minimum Design
Loads for Buildings and Other Structures (ASCE 7-05),10

with a larger response modification coefficient R of 8 compared with other braced-frame systems (for example, a
response modification factor R of 6 for special concentrically
braced frames). Consequently, buckling-restrained braced
frames have become the lateral system of choice for many
steel structures in seismic regions, where they are associated
with significant reductions in costs as well as stable ductile
lateral load behavior of the frame.
Despite the popularity of buckling-restrained braced frame
systems in steel construction, they have rarely been used in
concrete structures, in large part due to limited research and
lack of codification. A few studies from outside the United
States have investigated the use of buckling-restrained braces
in reinforced concrete frames;11–14 however, these studies
have focused primarily on seismic retrofit applications rather
than new construction. To the best of the authors’ knowledge, no United States–based research on precast concrete
buckling-restrained braced frames has been published, and
only one experimental study (Guerrero et al.15) on the seismic
behavior of these structures has been published worldwide.
Consequently, practical implementation of precast concrete
buckling-restrained braced frames has been rare, with limited
applications in international projects and only one building
application in the United States.16
In an effort to address this research gap, this paper numerically investigates the lateral load behavior and design of precast
concrete buckling-restrained braced frames for potential
feasibility in seismic regions. To this end, 32 precast concrete
braced-frame archetypes were designed, and nonlinear numerical models of these structures were developed using the Open
System for Earthquake Engineering Simulation (OpenSees)17
structural analysis platform. The numerical model was validated using the results presented in Guerrero et al. and also by
comparing the OpenSees analyses with the results obtained
from a second structural analysis platform, DRAIN-2DX.18
After the model was deemed suitable based on this validation,
nonlinear static pushover analyses and incremental dynamic time-history response analyses were performed on the
32 archetypes. Ultimately, the analysis results were used to
evaluate the seismic performance of the archetypes and the
seismic performance factors used in their design.
To develop useful results grounded in a rational basis, this
study followed many of the procedures described in the 2009
Federal Emergency Management Agency report Quantification of Building Seismic Performance Factors (FEMA
P695),19 which provides a methodology to formalize the determination of seismic performance factors (for example, the
response modification coefficient) for new proposed lateral
force-resisting systems. This methodology includes several
steps to identify the range of application for the proposed system and accurately assess the seismic collapse risk. The first
step is to develop and design a set of archetypes that span the
range of expected applications, where an archetype is defined
as a prototypical representation of the system. Second, nonlinear models are developed for each archetype. Third, these

models are subjected to pushover analyses and incremental
dynamic time-history response analyses as defined within
the methodology. The dynamic analyses include the use of a
prescribed ground-motion record set. Finally, the FEMA P695
methodology outlines a systematic evaluation of the analysis
results based on the uncertainty and collapse performance of
the system.
FEMA P695 requires extensive material, component, connection, and system testing for characterizing the behavior of
the proposed system and for calibrating the analysis models.
Because these extensive experimental data are not currently
available for precast concrete buckling-restrained bracedframe structures, the study described in this paper is limited
to the relatively small amount of experimental information
available to date.

Overview of archetypes
This section describes the 32 precast concrete bucklingrestrained braced-frame archetypes that were designed for
evaluation based on the FEMA P69519 methodology. Although
all archetypes were designed with the same uniformly distributed gravity loads and material properties, various seismic
design categories (SDCs), building plans, numbers of braced
frames, brace configurations, and numbers of stories were
considered to span the expected design space of the proposed
structural system. Once established, these archetypes were
then organized into performance groups in accordance with
FEMA P695. The precast concrete beam and column members were designed using deformed steel reinforcement with
no prestressing, considering details that emulate monolithic
cast-in-place reinforced concrete structures. Jointed (also
referred to as “nonemulative”) precast concrete buckling-restrained braced-frame structures were not included in this
study, but these types of precast concrete systems should be
investigated in the future.

Archetype design space
Two SDCs were used for this study, SDC Dmax and SDC Dmin,
as described by the spectral acceleration values provided in
FEMA P69519 Tables 5-1A and 5-1B. While the structures
evaluated for SDC Dmax were expected to be more critical,
SDC Dmin was also considered for a limited number of designs
to capture any unexpectedly critical scenarios. To minimize
structural overstrength and produce lower-bound designs,
the archetypes designed for SDC Dmin included fewer braced
frames within their building plans.
Figure 1 shows the archetype space, which consisted of three
different symmetric building footprints. All building plans
had an area of about 30,000 ft2 (2800 m2). The first represented an office building with 15 ft (4.6 m) story heights, the
second represented an industrial building with 25 ft (7.6 m)
story heights, and the third represented an alternate industrial
building layout with 15 ft story heights. The office building
plan also included three different braced-frame layouts, which
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50 ft 35 ft 50 ft

1: SDC Dmax office building
with accidental torsion

7 bays at 35 ft each = 245 ft

N
4: SDC Dmax industrial building
with 25 ft story heights

2: SDC Dmax office building
without accidental torsion

3: SDC Dmin office building

5 bays at 30 ft each = 150 ft

42 ft 21 ft 42 ft

42 ft 21 ft 42 ft

42 ft 21 ft 42 ft

7 bays at 42 ft each = 294 ft

7 bays at 30 ft each = 210 ft

Building perimeter
Gridlines
Braced frame

5: SDC Dmax industrial building
with 15 ft story heights

Figure 1. Building and braced-frame plan layouts. Note: SDC = seismic design category. 1 ft = 0.305 m.

considered different levels of accidental torsion effects and
different numbers of braced frames. The first office layout
was arranged with the braced frames placed toward the core
of the building to introduce accidental torsion effects per
the 2016 edition of Minimum Design Loads and Associated
Criteria for Buildings and Other Structures (ASCE 7-16).20
The second layout had the same number of braced frames in
each direction, but accidental torsion effects were eliminated
from design by placing the east-west braced frames along the
perimeter of the building plan. The third layout was designed
for SDC Dmin using a significantly reduced number of braced
frames arranged to eliminate accidental torsion effects. The
industrial building layouts were both designed for SDC Dmax,
with braced frames at the exterior to eliminate accidental torsion effects. The building layouts without accidental torsion
effects were expected to result in more critical FEMA P695
evaluations because these layouts were designed for lower
seismic forces.
Three different buckling-restrained brace elevation configurations were investigated in this study: single diagonal, alternating
single diagonal (also known as zigzag), and chevron. Figure 2
presents these configurations within two-story frame archetypes.
Given the large variety of possible arrangements, brace configurations deemed to be unlikely in precast concrete structures
or less critical based on the FEMA P695 procedures were not
included. For example, multistory X-bracing tends to be less
critical because it minimizes the unbalanced vertical loading
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and axial loads transferred to the beams and distributes the brace
yielding across multiple stories.21 In contrast, single-diagonal
braces result in high axial forces in the beams and chevron
braces generate high bending moments in the beams. Therefore,
these brace configurations were evaluated to capture the most
critical conditions in the FEMA P695 methodology. The brace
angle was also considered an important parameter in the design
space; specifically, the different frame span lengths and story
heights resulted in archetypes with brace angles ranging from
35.5 to 45.0 degrees from horizontal.
The range of archetypes used in the study included one-,
two-, three-, four-, six-, and nine-story frames, with building

Single diagonal

Zigzag

Chevron

Figure 2. Brace configurations for two-story frame
archetypes.

heights ranging from 15 to 135 ft (4.6 to 41.1 m). Based on
preliminary results, archetypes taller than nine stories (taller
than 135 ft) were less critical in the FEMA P695 methodology and were also deemed less likely to be implemented in
precast concrete practice. Therefore, no archetypes taller than
nine stories were included.
In the remainder of this paper, each archetype is labeled with
a four character identifier, where the first character is the layout number (see Fig. 1), the next two characters indicate the
brace configuration (see Fig. 2), and the last character is the
number of stories. For example, archetype 1SD3 is a 3 story
frame with single-diagonal braces in building plan layout 1.

Gravity loads
All archetypes were designed using the average distributed
dead loads D and live loads L listed in Table 1. The total
average roof and floor dead loads were taken as 160 lb/ft2
(7660 N/m2), including a precast concrete double-tee-beam
flooring system with a 4 in. (100 mm) thick cast-in-place topping. The roof and floor average live loads were taken as 20 and
100 lb/ft2 (960 and 4790 N/m2), respectively.

Design material properties
For the design of all archetypes, the yield strength of the brace
steel core was assumed to have the typical range of 42 ± 4 ksi
(290 ± 28 MPa), corresponding to minimum yield strength
fymin of 38 ksi (262 MPa), and maximum yield strength fymax
Table 1. Assumed overall average gravity loads
Dead loads
Average load per
roof/floor area, lb/ft2

Contribution
Double-tee flooring

50

Topping slab

45

Beams and columns

25

Spandrels/exterior cladding

15

Partition loads

15

Buckling-restrained braces

5

Miscellaneous

5

Total dead load

160
Live loads

Location

Average load per
roof/floor area, lb/ft2

Roof

20

Floor

100

Note: 1 lb/ft2 = 47.9 N/m2.

of 46 ksi (317 MPa), respectively, based on section 5.5 of
the American Institute of Steel Construction’s (AISC’s) third
edition of the Seismic Design Manual22 and common industry
practice. The design yield strength of deformed reinforcing
steel fsy was 80 ksi (552 MPa) and the design compressive
strength of concrete fc' was 6 ksi (41.4 MPa). Given the large
design axial tension forces in the beams and columns, the
use of Grade 80 (552 MPa) rather than Grade 60 (414 MPa)
reinforcing bars was necessary to minimize the sizes of these
members while satisfying design requirements for maximum
reinforcement ratios (see the “Design of Archetypes” section
in this paper).

Performance groups
Table 2 shows the archetype designs grouped into nine performance groups for system evaluation per FEMA P695.19
The frame designs within each performance group shared
similar characteristics expected to influence the results of the
seismic evaluation. For this study, the performance groups
were determined based on brace configuration, seismic
design category, and fundamental building period domain
(short or long). FEMA P695 typically requires at least three
archetypes for each performance group, though groups with
fewer than three archetypes are allowed if having three or
more alternate designs within a performance group is not
considered feasible.

Design of archetypes
This section describes the procedures used to design the
archetype braced-frame structures used in the investigation.
The design method was based on the equivalent lateral
force procedure from ASCE 7-1620 and followed the American Concrete Institute’s Building Code Requirements for
Structural Concrete (ACI 318-19) and Commentary (ACI
318R-19)23 for the design of the precast concrete beams and
columns. Several applicable design requirements and recommendations for steel buckling-restrained braced frames
were also adopted, particularly with respect to the design
of the braces and the resulting design forces on the beams
and columns, referencing AISC’s Seismic Design Manual,22 Specification for Structural Steel Buildings (ANSI/
AISC 360-16),24 and Seismic Provisions for Structural Steel
Buildings (ANSI/AISC 341-16),25 as well as the Structural
Engineers Association of California’s (SEAOC’s) Structural/
Seismic Design Manual.26
Based on preliminary designs, trial values of the required
seismic performance factors were chosen as follows: response
modification coefficient R of 8, deflection amplification factor
Cd of 8, and system overstrength factor Ω0 of 2.5. These values
were then verified in the final step of the FEMA P69519 evaluation. The selected response modification coefficient R and
system overstrength factor Ω0 values are the same as those for
steel buckling-restrained braced frames, but the deflection amplification factor Cd of 8 is greater than the value of 5 specified
for steel buckling-restrained braced frames in ASCE 7-16.
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Table 2. Performance group summary
Grouping criteria
Performance
group number

1

Design load level
Brace configuration

Gravity

Single diagonal
(with torsion)

2
3
4

9

Short

3 (1, 2, and 3 stories)

Short

5 (1, 2, and 3 stories)

Long

4 (6 and 9 stories)

Short

3 (1, 2, and 3 stories)

Short

5 (1, 2, and 3 stories)

Long

3 (4, 6, and 9 stories)

Short

3 (1, 2, and 3 stories)

Short

3 (1, 2, and 3 stories)

Long

3 (4, 6, and 9 stories)

Dmin

Chevron

7
8

Dmax

Typical

5
6

Seismic design
category

Dmax

Single diagonal

Dmax
Dmin

Zigzag

Figure 3 presents a summary flowchart of the design procedure; subsequent sections of this paper describe each component of the flowchart. The design procedure focuses on the
lateral force-resisting braced frames, not the entire building
structure. Consequently, detailed design of the gravity load

Number of archetypes

Period domain

Dmax

system was not conducted. Furthermore, because this study
evaluated the overall behavior of the braced-frame system,
the brace-to-frame connections are not addressed. To this end,
it is implicitly assumed that the brace-to-beam and brace-tocolumn connections would be designed to remain essentially
linear-elastic under the maximum brace forces, following
capacity-based design procedures.

Equivalent lateral force procedure
The ASCE 7-1620 equivalent lateral force procedure was used
to determine the lateral forces for the design of the archetype
frames. Table 3 shows the short-period design spectral acceleration parameter SDS and 1-second design spectral acceleration parameter SD1, taken for SDC Dmax and SDC Dmin, per
FEMA P695.19
FEMA P695 defines the fundamental period T used for design
and analysis as
= CuTa

T

Table 3. Design spectral acceleration parameters
Seismic design
category

SDS

SD1

Dmax

1.0

0.60

Dmin

0.50

0.20

Note: SD1 = design spectral response acceleration parameter at 1-second
period; SDS = design spectral response acceleration parameter at short

Figure 3. Archetype design flowchart.
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periods.

where
Cu

= coefficient for upper limit on the calculated period
from ASCE 7-16 Table 12.8-1

Ta

= approximate fundamental period from ASCE 7-16
section 12.8.2.1

Assuming comparable vibration characteristics, the approximate fundamental period Ta was calculated using the coefficients specified for steel buckling-restrained braced frames in
ASCE 7-16 Table 12.8-2. Based on the design spectrum and
this fundamental period, the total seismic base shear force
VELF was determined using ASCE 7-16 Eq. (12.8-1), with the
seismic response coefficient based on ASCE 7-16 section
12.8.1.1 and the seismic weight taken as 1.0D (which was
assumed to be the same at each floor level, including the roof,
as shown in Table 1) per ASCE 7-16 section 12.7.2. These
calculations used a seismic importance factor Ie of 1 with
Risk Category I or II, assuming that the office and industrial
buildings included in the archetype space represented low risk
to human life in the event of failure (ASCE 7-16 Table 1.5-1).
This choice was made to result in more-critical archetypes for
the FEMA P695 evaluation.

α

= angle of brace relative to horizontal

nb

= number of braces in the story being designed

This calculation for the brace axial force NQE conservatively
assumed that only the braces would carry lateral forces, with
no contribution from beam and column moment frame action
(similar to Design Example 3 from the SEAOC Structural/
Seismic Design Manual26 and section 5.5 of the AISC Seismic
Design Manual22 for steel buckling-restrained braced frames).
The brace axial force NQE values were then increased to
account for second-order effects using the approximation
provided in ANSI/AISC 360-1624 appendix 8. Finally, the
factored brace design axial force Nu was calculated based on
ASCE 7-16 load combinations. Per AISC 341-1625 section
F4.3, the braces were assumed not to carry any gravity loads
to ensure that the beam and column members of the frame
were designed for the full gravity loads in the event of loss of
braces (for example, due to fire loading). As such, the factored
brace design forces under load combinations 6 and 7 were
calculated as
Nu

= ρNQE

where
Next, the total seismic base shear force was distributed
between the buckling-restrained braced frames in each of the
two primary directions of the building. Because the braced
frames in each direction were assumed to be the same, the lateral stiffnesses of these frames were also identical; and thus,
the total seismic base shear was divided evenly between the
frames in each direction. The base shear forces were increased
as necessary to account for accidental torsion effects based on
the procedures outlined in Paulay and Priestley,27 assuming
the sum of the frame stiffnesses in one direction to be equivalent to the sum of the frame stiffnesses in the orthogonal
direction. As permitted by ASCE 7-16 section 12.8.4.2, the
building plans with braced frames on the perimeter (layouts 2
through 5 in Fig. 1) resulted in designs without any accidental
torsion effects. Once distributed to each individual frame, the
base shear force was then distributed vertically over the height
of the structure at each floor and roof level, per ASCE 7-16
section 12.8.3.

Brace design
The buckling-restrained braces were designed based on the
brace axial forces NQE from the ASCE 7-1620 equivalent lateral
force procedure and the expected yield strength of the yielding region of the braces. The brace forces in each story were
calculated as
NQE

= Vstory/[nbcos(α)]

where
Vstory

= shear force in story being designed

ρ

= redundancy factor, taken as 1.0 based on ASCE
7-16 section 12.3.4

Next, the yielding core areas of the braces were calculated
using the area-based approach described in the AISC Seismic
Design Manual. With this approach, the required brace core
area was determined based on the lowest expected steel yield
strength fymin. Thus, including a capacity reduction factor φ of
0.9, the minimum required steel core area of each brace was
calculated as
Asc,min

= Nu/(φfymin)

The resulting ranges of brace yielding (core) areas and yielding lengths over the height of each archetype design are listed
in Table 4, where the required areas have been rounded up to
the next 0.10 in.2 (64.5 mm2) increment to achieve realistic
designs with minimal overstrength.
After the yielding area of each brace was designed, the
adjusted brace forces were determined based on the highest
expected steel core yield strength fymax for use in the design of
the beams and columns, following a capacity-based design
approach. The adjusted brace forces were calculated according to ANSI/AISC 341-16 section F4.2a as
BRBT

= ωRy fymaxAsc

BRBC

= βωRy fymaxAsc

where
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Table 4. List of archetypes with corresponding range of brace yielding (core) areas and brace yielding lengths
Performance
group

1

2

3

4

5

6

7

8

9

Archetype design identification number

Design configuration
Number of
stories

1SD1

1

1SD2

2

1SD3

Seismic design
category

Range of brace
yielding areas, in.2

Range of brace
yielding lengths, in.

4.9

197

6.5 to 9.9

170 to 188

3

6.2 to 12.2

164 to 198

2SD1

1

3.8

186

2SD2

2

5.1 to 7.6

186 to 192

2SD3

3

4.8 to 9.4

182 to 193

4SD1

1

6.1

382

4SD2

2

6.3 to 9.2

336 to 395

1SD6

6

4.7 to 14.7

158 to 190

1SD9

9

4.0 to 16.6

129 to 198

2SD6

6

3.6 to 11.3

176 to 201

2SD9

9

3.1 to 12.6

154 to 215

3SD1

1

2.9

197

3SD2

2

2.7 to 4.0

195 to 197

3SD3

3

2.3 to 4.6

193 to 198

2CC1

1

2.9

202

2CC2

2

3.8 to 5.9

191 to 199

2CC3

3

3.6 to 7.1

186 to 199

5CC1

1

3.3

311

5CC2

2

3.5 to 5.0

302 to 310

2CC4

4

3.2 to 3.7

184 to 201

2CC6

6

2.7 to 8.5

178 to 202

2CC9

9

2.3 to 9.6

163 to 196

3CC1

1

1.5

208

3CC2

2

1.4 to 2.0

206 to 208

3CC3

3

1.2 to 2.3

205 to 209

2ZZ2

2

5.1 to 7.6

186 to 192

2ZZ3

3

4.8 to 9.4

182 to 193

4ZZ2

2

6.3 to 9.2

336 to 395

2ZZ4

4

4.3 to 10.1

180 to 194

2ZZ6

6

3.6 to 11.3

178 to 196

2ZZ9

9

3.1 to 12.5

155 to 215

Dmax

Dmax

Dmax

Dmin

Dmax

Dmax

Dmin

Dmax

Dmax

Note: CC = chevron brace configuration; SD = single-diagonal brace configuration; ZZ = zigzag brace configuration. 1 in. = 25.4 mm; 1 in.2 = 645 mm2.
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BRBT

= brace force in tension

β

= adjustment factor for brace force in compression

ω

= strain-hardening adjustment factor

Ry

= expected yield-strength adjustment factor accounting for material variability

Asc

= area of the steel core

BRBC

= brace force in compression

For preliminary design, the compression force adjustment factor β was assumed as 1.1 and the strain-hardening adjustment
factor ω was assumed as 1.4. Because material variability
was already accounted for by designing the brace areas based
on the minimum yield strength fymin, while using the maximum yield strength fymax for the adjusted brace forces (used to
design the rest of the frame), the expected brace yield strength
adjustment factor Ry was equal to 1 in all of the adjusted brace
force calculations.
The design flowchart in Fig. 3 shows that the adjusted brace
forces were revised based on the brace deformations determined from an effective linear-elastic analysis of the preliminary frame design, which is described later in this paper. Once
the effective linear drift analysis of each preliminary archetype was completed, the adjusted brace forces and resulting
frame designs were iterated using updated values for the
compression force adjustment factor β and strain-hardening
adjustment factor ω.

Beam design
The precast concrete beams of each archetype were designed
based on the factored axial force Pu and bending moment
Mu demands from ASCE 7-1620 load combinations and the
adjusted brace forces in tension BRBT and compression BRBC.
Unlike traditional beam design, the large compressive and
tensile axial forces of the buckling-restrained braces required
the beams to carry large axial forces from earthquake effects in addition to moments and shear forces from gravity
loads. Therefore, the beams were assumed to act like column
members, and the design of the beams followed the column
requirements for special moment frames in ACI 31823 chapter
18, rather than the equivalent requirements for beams.
Because gravity loads do not produce axial forces in beams,
the factored design axial force Pu in each beam was calculated from load combinations 6 and 7 based solely on the
adjusted brace forces, following the requirements of ANSI/
AISC 341-1625 section F4.3. The exact relationship between
the beam axial forces and the adjusted brace forces depends
on the seismic load path, tributary mass, collectors on either
side of the frame, and the distribution of forces throughout the
entire structure. For simplicity, however, several assumptions
for each brace configuration guided the relationship between

the adjusted brace forces and the beam design axial forces in
this study, as described in the following paragraphs.
For the single-diagonal brace configuration, the beam design
axial forces were calculated using the adjusted brace forces
directly above and below the beam being designed. Assuming
that the earthquake-induced shear force in the building could
be evenly transferred from both ends of the frame, the axial
force in each beam was calculated as the average horizontal
component of the two adjusted brace forces. In this calculation, the beam tensile axial force demand corresponded to the
direction of lateral loading with the braces in compression,
whereas the beam compressive axial force demand corresponded to the loading direction with the braces in tension.
A similar procedure was followed for the beam design axial
forces with braces in the zigzag configuration, using the adjusted brace forces directly above and below the beam. However, in this configuration, one brace will be in tension while
the other is in compression. Therefore, the beam axial force
demands were calculated conservatively as the difference
between the horizontal components of the absolute adjusted
brace forces directly above and below the beam. The axial
forces were calculated considering lateral forces acting to the
left and the right, and the largest compressive and tensile forces from either direction were used as the axial force demands
on each beam.
For the chevron brace configuration, the beam design axial
force demands were calculated based on the two bucklingrestrained braces below the beam in consideration. This configuration results in a large horizontal force at the connection
between the buckling-restrained braces and the midlength of
the beam because one of the braces will be in tension while the
other is in compression. This force is carried as tension in half
of the beam length and compression in the other half, though
the exact distribution of this force between the two halves of
the beam depends on the load path. In addition, each half length
of a beam can experience tension as well as compression,
depending on the direction of loading. In this study, the two
halves of each beam were assumed, for simplicity, to have an
even tributary area, thus evenly carrying the horizontal force
from the braces. Therefore, each beam was designed for tensile
and compressive axial forces equal to one-half of the sum of the
horizontal components of the adjusted brace forces.
The factored design bending moment demands Mu for the
beams were determined from both gravity loads and earthquake
effects. Although Table 1 lists the average distributed dead and
live loads assumed for the entire structure, some of the dead
loads were not carried by the beams. Therefore, all beams were
designed for a smaller dead load of 130 lb/ft2 (6220 N/m2) to
exclude the weight of the buckling-restrained braces, columns,
and exterior cladding. For beams at the exterior (that is, perimeter) of the structure, an additional vertically distributed 35 lb/ft2
(1700 N/m2) dead load was included to account for the exterior
cladding weight. The live loads listed in Table 1, reduced per
ASCE 7-16 section 4.7, were used for the beam design.
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The gravity moments were then calculated based on the
factored dead and live loads over the tributary width of each
beam, and the orientation of the double-tee flooring system.
For the archetypes with single-diagonal and zigzag brace
configurations, the flooring system was assumed to run
perpendicular to the beam on both sides (that is, the floor and
roof double tees were assumed to be framing into the beams),
thus transferring dead and live loads onto the beams. For the
chevron brace configuration, the double tees were assumed
to run parallel to the frame. Therefore, each beam was only
designed for dead and live loads from the beam self-weight,
weight of topping slab directly above the beam width, exterior
cladding on perimeter beams, and live load directly above the
beam width. These different assumptions for the orientation
of the flooring system were made to evaluate effects of gravity
load variations on the design and performance of the beams.
Different boundary conditions were considered to determine
the largest positive and negative beam bending moment demands. For gravity loads, the maximum negative moments at
the beam ends were calculated assuming fixed end supports,
while the maximum positive moment at the midlength was
calculated assuming simply supported boundary conditions
(similar to section 5.5 of the AISC Seismic Design Manual22
for steel buckling-restrained braced frames). For braces in the
chevron configuration, an additional negative beam moment
due to gravity loads was calculated at the brace location (that
is, midlength of beam) assuming a simply supported two-span
continuous beam (similar to Design Example 3 in the SEAOC
Structural/Seismic Design Manual26).
For the chevron brace configuration, beam bending moments
also develop from earthquake effects because the brace
forces directly below the beam, one in compression and
the other in tension, generate a net upward point load Fy of
BRBC − BRBT sin (α ) at the beam midlength (section 5.5
in the AISC Seismic Design Manual and Design Example 3
from the SEAOC Structural/Seismic Design Manual). The
moments caused by this point load were calculated assuming

(

)

Effective topping slab width

The beams were designed for the combined factored axial
force Pu and bending moment Mu demands for each load
combination. Because each beam was designed based on
the requirements for columns in special moment frames in
ACI 318 chapter 18, the longitudinal reinforcement ratio was
kept between 1% and 6% (ACI 318 section 18.7.4.1). The
large axial tensile forces and the maximum reinforcement
limit of 6% tended to generate excessively large member sizes
when using Grade 60 (414 MPa) reinforcement. Therefore,
Grade 80 (552 MPa) reinforcing steel was used consistently
instead. For simplicity, all beams were designed as rectangular sections with a 4 in. (100 mm) thick cast-in-place topping
slab placed to act compositely on top of the beam (Fig. 4).
For configurations with the floor and roof double tees oriented
perpendicular to the braced frame, the beams were designed
as T beam sections with an effective topping slab flange width
per ACI 318 Table 6.3.2.1 and eight no. 6 (19M) reinforcing
bars assumed within this topping slab width. For configurations with the floor and roof system running parallel to the
braced frame, the effective width of the topping slab was
limited to the width of the beam, with only two no. 6 reinforcing bars assumed within this slab width (Fig. 4). Because
a full design of the floor and roof system was not conducted,
the number and size of the topping slab reinforcing bars were
selected based on typical industry designs.
The beams were designed for each factored axial-moment
(Pu-Mu) load combination pair using interaction diagrams
generated in MATLAB. Fig. 5 shows a representative beam
interaction diagram. The interaction diagrams considered both
positive and negative bending, as well as compressive and ten-

Effective topping slab width
No. 6 reinforcing bars

4 in.
topping

No. 6 reinforcing bars (8 total)

a simply supported beam with the net upward point load Fy
acting at the midlength and used in load combinations 2, 6,
and 7 to find the total factored design moments for each beam.
For frames with single-diagonal and zigzag brace configurations, the braces were assumed to be pin connected at the
beam-to-column joints such that the brace forces resulted in
no significant bending moments on the beams.

Nonbuckling
reinforcing
bars, typical
Ties/hoops,
typical

Buckling reinforcing
bars, typical
Beam (perpendicular floor system)

Beam (parallel floor system)

Column

Figure 4. Sample beam and column cross sections in braced-frame archetypes. Note: no. 6 = 19M; 1 in. = 25.4 mm.
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Beam interaction diagram

Column interaction diagram
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Design axial strength, kip

Design axial strength, kip
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750
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Load case 2 demands
Load case 6 demands
Load case 7 demands

1000

0

-1000

0

100
200
300
400
Design moment strength, kip-ft

Figure 5. Sample axial-moment strength interaction diagrams for beam and column design. Note: 1 kip = 4.45 kN; 1 kip-ft = 1.356
kN-m.

sile axial forces, and the contribution of the assumed effective
topping slab width and reinforcement to the axial-moment
strength was included. In generating the interaction diagrams
for design, the stress-strain behavior of the reinforcement
was idealized as elastic, perfectly plastic. The design of each
beam was considered to be satisfied if all applicable load
combination pairs fell within the interaction diagram with
minimal overstrength so as to result in critical archetypes for
the FEMA P69519 evaluation.
Finally, the design of each beam was checked for shear
requirements. Although a full shear reinforcement design
was not performed, the ACI 318 section 22.5.1.2 limits for
the maximum allowable shear strength based on material
strengths and the dimensions of each member were checked.
The corresponding beam shear force demands were calculated
based on ACI 318 Fig. 18.6.5 to ensure that the maximum allowable shear strength was not exceeded. Per ACI 318 section
18.7.6.1.1, the shear demand was checked against the strength
over the range of the factored design axial forces. The shear
design requirements often governed the beam dimensions,
resulting in beam widths greater than the corresponding beam
depths to satisfy shear demands without significantly increasing the beam moment strengths.

Column design
The columns were designed for the combined factored axial
force Pu and bending moment Mu demands from ASCE 7-1620
load combinations 2, 6, and 7. The axial force demands due to
gravity loads were calculated by multiplying the factored dead
and live loads by the tributary area for each column. Earthquake effects caused both axial compressive and tensile force
demands in the columns, considering equivalent lateral forces
in each direction of the frame. These demands were calculated
using the vertical components of the adjusted brace forces in
all of the braces above the column being designed. For the
chevron brace configuration, the net upward force Fy due to
the unequal adjusted brace forces at the beam midlength was

also considered by assuming that the columns at each end of
the beam carried 0.5Fy as axial tension.
AISC 341-1625 section F4.3 allows column bending moments from seismic effects to be neglected, assuming that the
portion of story shear resisted by these moments is generally
small (Kersting et al.21). As such, only the moment demands
from gravity loads were used in column design. The procedure to calculate these moment demands was based on the
SEAOC Structural/Seismic Design Manual,26 where the beam
end moments from gravity loads (assuming fixed-fixed beam
end boundary conditions) are distributed to the connecting
columns. This distribution assumes points of zero moment at
the column base (above the foundation) and at the midheight
of each upper story (in other words, each story except the
first story) and constant shear force along the column height
between those points.
Similar to the beams, the columns were designed using axialmoment strength interaction diagrams generated in MATLAB.
Figure 5 shows a representative column interaction diagram.
Because each column was symmetric, these interaction
diagrams only considered positive bending moments. The column longitudinal reinforcement percentages were kept within
the range of 1% to 6%, and Grade 80 reinforcement was used
to minimize the column sizes. For simplicity, longitudinal reinforcing bars were only placed around the section perimeter,
and the column reinforcing bars over each story height were
designed to be the same size. Per typical precast concrete
industry practices, the column dimensions were changed only
every third story.
ACI 31823 section 18.7.3.2 enforces strong column–weak
beam behavior for special reinforced concrete frames by
requiring that
ΣMnc ≥ (6/5)ΣMnb
where

PCI Journal | September–October 2021

63

ΣMnc

= sum of nominal moment strengths of the columns
framing into each joint

ΣMnb

= sum of nominal moment strengths of the beams
framing into the same joint

This requirement was indirectly satisfied (that is, without
specifically considering ACI 318 section 18.7.3.2) for most of
the columns in each archetype structure; however, some of the
column sections in the upper two or three stories of the taller
archetypes did not satisfy this requirement. Because it was
deemed important to design critical structures with minimal
overstrength for the FEMA P69519 evaluation, the column section sizes and/or reinforcement amounts were not increased to
achieve ΣMnc ≥ (6/5)ΣMnb.
Each column design was also checked to meet shear requirements. Similar to the beams, a full shear reinforcement design
was not performed for the columns; however, the ACI 318
maximum shear force demands were calculated to ensure
that the maximum allowable shear strength limits were not
exceeded. Unlike beam design, shear requirements never
governed the column dimensions.

Effective linear-elastic drift analysis
model
After the preliminary design of all frame members was
completed, an effective linear-elastic equivalent lateral force
pushover analysis for each archetype was conducted to
check that allowable story drift limits per ASCE 7-1620 were
satisfied. As described in the flowchart in Fig. 3, the brace
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zones
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Column 1
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Connecting
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Section A-A
Assumed connection details
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A

The beam and column members were modeled with the axial
and flexural stiffness reduction factors shown in Table 5
based on the gross area Ag and gross moment of inertia
Ig of each member. These factors are based on ACI 31823
Table 6.6.3.1.1(a) and Table 6.6.3.1.1(b), which provide
area and moment of inertia reduction factors for effective
linear-elastic analysis at factored load levels. However,
some modifications were necessary because the ACI 318
effective stiffness factors do not account for the increased
cracking and stiffness reduction expected to occur due to
the large axial tension forces in the beams and columns of
buckling-restrained braced frames. The recommended mod-

Story height

Column 2

deformations from this step were also used to iterate the
adjusted brace forces (by updating the adjustment factor for
brace force in compression β and strain hardening adjustment factor ω) and update the design of the beams and columns accordingly. To ensure accurate drift analysis results at
the equivalent lateral force level, several effective stiffness
parameters were used to represent each beam, column, and
brace member linear elastically. Each brace was modeled
as a single element connected at the frame work points,
assumed to be at the intersecting centroids of the beam and
column members (Fig. 6), with an area equal to the yielding
area and a stiffness modification factor (greater than 1.0) to
account for the added stiffness from the much stiffer end regions of the brace. These brace stiffness modification factors
were recalculated after iteration, as necessary, ranging from
stiffness increases of 35% to 90%, depending on the brace
size and geometry. The ends of each brace were assumed to
be pinned into each work point node, thus transferring only
axial forces along the brace axis.
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Figure 6. Illustration of beam-to-column connection region assumptions and frame modeling details.
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Table 5. Effective area and moment of inertia
reductions for beam and column members
Axial force

Area

Moment of inertia

Tension

0.5Ag

0.25Ig

Compression

1.0Ag

⎛
Mu
Ast ⎞ ⎛
P ⎞ *
− 0.5 u ⎟ Ig
⎜ 0.80 + 25
⎟ ⎜1−
A
P
h
P
⎝
g ⎠⎝
u
o⎠

Note: Ag = gross area of beam or column section, neglecting reinforcement; Ast = total area of longitudinal reinforcement in beam or column
section; h = depth of beam or column section; Ig = gross moment of
inertia of beam or column section, neglecting reinforcement; Mu =
factored design moment of beam or column; Po = nominal compression
(uniaxial) strength of beam or column at zero eccentricity; Pu = factored
design axial force of beam or column (positive for compression and
negative for tension).
*See the American Concrete Institute’s Building Code Requirements for
Structural Concrete (ACI 318-19) and Commentary (ACI 318R-19) Table
6.6.3.1.1(b); not to exceed 0.875Ig or be taken less than 0.35Ig.

ification factors were calibrated to match the deformations
of the effective linear-elastic drift model to a more detailed
nonlinear inelastic model at the design equivalent lateral
force level (see the next section of this paper, “Nonlinear
Numerical Modeling”).
Because the beam and column effective moment of inertia
reduction factors for compression varied depending on the
factored design axial force Pu and bending moment Mu, the
effective drift calculations were conducted iteratively. The
ASCE 7-16 requirements for drift calculations also resulted in
the following additional steps in this iterative process:
1.

Determine the fundamental period of the preliminary
effective linear-elastic drift model from modal analysis.

2.

Use this fundamental period to update the equivalent
lateral forces. Because the period of the effective drift
model was usually longer than the capped period used in
the force-based member design, this step typically resulted in lower equivalent lateral forces for drift checks.

3.

Perform a pushover analysis on the effective drift model
under the updated equivalent lateral forces. This analysis included gravity loads based on the applicable
ASCE 7-16 load combinations, and P-Δ effects were
included per ASCE 7-16 section 12.8.7.

4.

Determine the beam and column axial forces and bending
moments from the effective drift analysis at the equivalent lateral force level.

5.

Use these axial loads Pu and moments Mu to revise the
moment of inertia reductions for members in compression per Table 5, and update the effective drift model
accordingly.

By repeating this process until convergence, a different
effective drift model was created for each ASCE 7-16 load
combination, and the largest story drift values were taken as
the governing values. Among load combinations 2, 6, and 7,
load combination 7 typically governed the drift results.
After all governing effective linear-elastic story drifts θe were
determined, the corresponding inelastic drifts θ were calculated using a proposed deflection amplification factor Cd of 8 for
this system, as
θ = Cdθe
These inelastic drift θ values were then compared with the
requirements of ASCE 7-16 Table 12.12-1, which prescribes
a maximum allowable story drift of 2.5% for structures with
four stories or fewer and 2% for all other structures. If the
ASCE 7-16 drift limits were exceeded, all column cross-section
dimensions over the entire structure height were scaled up until
the drift requirements were met. No changes were made in the
beam sizes because preliminary analysis results showed that the
axial deformations of the columns typically controlled the drifts
from the effective linear-elastic model. Using this approach,
only the nine-story archetypes were drift controlled. All other
archetypes were controlled by strength design.
Finally, the effective linear-elastic drift model results were
used to iterate the brace designs. ANSI/AISC 341-1625 section
F4 requires buckling-restrained braces to be designed for
deformations corresponding to a prescribed 2% story drift or
twice the inelastic story drift (that is, 2θ), whichever is larger.
The brace deformations were used to adjust the brace overstrength factors (adjustment factor for brace force in compression β and strain hardening adjustment factor ω) and the
stiffness modification factors used in design.
Common practice in steel buckling-restrained brace design
calculates equivalent brace deformations from story drifts
using a simplified shear frame model, where the beam and
column members are assumed to be axially rigid. Even
though these assumptions may work reasonably well for steel
frames, where the member stiffnesses are similar in tension
and compression, significant axial elongations can occur in
concrete beam and column members due to reduced effective
axial stiffnesses from cracking. Specifically, the beams and
columns of the archetype precast concrete bucklingrestrained braced frames showed large axial elongations, thus
contributing significantly to the effective story drifts. As such,
each brace was designed for the larger of the following two
deformations to avoid excessive overestimation of the brace
deformations:
•

deformations in the brace elements of the effective
linear-elastic drift model at the equivalent lateral force
level (corresponding to effective linear-elastic story drift
θe) multiplied by the deflection amplification factor Cd

•

equivalent brace deformations at 2% story drift based
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on shear frame assumptions (that is, assuming beam and
column members are axially rigid)

two steel material models for the longitudinal (that is, axialflexural) reinforcing bars and two material models for the
concrete. Figure 7 shows the stress-strain relationships for
the reinforcing steel and typical unconfined concrete and
brace materials.

In this approach, equivalent brace deformations calculated
based on shear frame assumptions with twice the inelastic
story drifts (that is, 2θ) from the effective drift model were
deemed unreasonable for precast concrete frames and, therefore, were not used to design the braces. After calculating
the brace deformations, the corresponding brace overstrength
and stiffness modification factors were updated as needed in
consultation with the brace manufacturer, and the iterative
process was repeated. Once all brace factors converged and
the ASCE 7-16 drift requirements were met, the design was
considered complete.

The two reinforcing steel material models included a buckling
reinforcing bar model and a nonbuckling reinforcing bar model. Both of these materials were modeled using the Steel4 uniaxial material type in OpenSees,17 together with the MinMax
material limit. Steel4 is based on the Giuffré-Menegotto-Pinto
Steel02 material model, but it provides additional parameters
to allow better simulation of the nonlinear cyclic steel stressstrain relationship. The MinMax material was applied to the
Steel4 parent material, allowing simulation of steel rupture
in tension and buckling in compression by reducing the steel
stress to zero after a user-defined strain limit was exceeded.
Both buckling and nonbuckling reinforcing bar materials
were assumed to rupture at a tensile strain of 0.06, based on
reversed-cyclic reinforcing bar test results by Aragon et al.28
In addition, the buckling reinforcing bar material was assumed to buckle when the compression strain exceeded 0.004,
which was the assumed crushing strain for the surrounding
unconfined cover concrete, indicating possible loss of lateral
support to the reinforcing bar from the concrete.

Nonlinear numerical modeling
This section describes the detailed nonlinear numerical modeling and model validation of the precast concrete bracedframe system that was used in the FEMA P69519 evaluation.
The models were developed using the OpenSees17 structural
analysis platform.

Element and material models
Figure 6 shows the assumed arrangement for the connections
between the beams and columns, with grouted vertical steel
reinforcing bars connecting the precast concrete columns
through the beams, leaving a precast concrete joint at the
interface of each column connecting to the beam. Therefore,
each beam was modeled from work point node to work point
node, whereas the columns were modeled with rigid end
zones within the beam-column joints. The work point nodes
were assumed to be at the intersecting centroids of the beam
and column members.

The following criteria were considered to determine which
reinforcing bars would be modeled as buckling and which
would be modeled as nonbuckling bars in each cross section.
ACI 31823 section 18.7.5 requires a transverse seismic hook or
the corner of hoop reinforcement supporting every longitudinal
reinforcing bar in a cross section when Pu > 0.3Ag fc' .
Because most of the beams and columns had large axial
compression Pu demands, nearly all of the longitudinal reinforcing bars in each section were supported by seismic hooks
or the corner of hoop reinforcement (Fig. 4). Previous studies
(Brown and Kunnath,29 Kunnath et al.,30 and Mander et al.31)
have shown that reinforcing bars are less likely to buckle if the

To account for nonlinear axial-flexural behavior, each beam
and column member was modeled as a fiber element using
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clear space between the transverse support hooks or hoops is
less than 6db, where db is the nominal diameter of the longitudinal reinforcing bar. This requirement was met for every beam
and column based on the transverse reinforcement spacing
from shear design and longitudinal reinforcing bar sizes from
axial-flexural design. Thus, only the reinforcing bars in a beam
or column with Pu ≤ 0.3Ag fc' and not located at the corner of a
hoop or seismic hook were considered to buckle (Fig. 4).
The two concrete material models included unconfined and
confined concrete, represented using the Concrete01 and Concrete02 material types in OpenSees. The unconfined concrete
material was used in the unconfined regions of each beam
and column, which included the concrete cover, as well as the
beam tributary topping slab. This model assumed a maximum
concrete compressive strength fc' of 6 ksi (41 MPa), the same
as the concrete strength used in design. The confined concrete
material represented the confined regions of the members
bounded by the centerlines of the transverse hoop reinforcement. The maximum compressive strength of the confined
concrete was calculated using the method by Mander et al.32
based on the spacing and arrangement of the transverse reinforcement from ACI 318 section 22.5 requirements.
The post-peak compressive stress-strain relationships of the
unconfined and confined concrete were determined following the regularization process developed by Coleman and
Spacone,33 Pugh et al.,34 Vásquez et al.,35 and Pozo et al.36 to
minimize the sensitivity of the softening concrete models
(that is, with reducing stress beyond the maximum strength
point) to the assumed critical integration lengths of the fiber
beam and column elements. The residual post-peak concrete
strength was assumed to be 20% of the maximum compressive strength. The regularization of the concrete post-peak
compressive stress-strain relationships was performed using
a plastic hinge length Lp taken as the average plastic hinge
length calculated from the five equations listed in Table
6,27,37–40 which was prescribed as the critical integration length
of each element. Note that plastic hinge lengths for precast
concrete members can differ from those of monolithic cast-in-

place reinforced concrete structures due to different detailing
and response of precast concrete members and connections.41
However, the plastic hinge lengths calculated based on the
equations in Table 6 were deemed appropriate for the purposes of this study because the archetype structures investigated
were intended to emulate monolithic cast-in-place reinforced
concrete structures. In addition, because the intent of the regularization of the concrete post-peak compressive stress-strain
relationships is to minimize the sensitivity of the analysis
results to the selected plastic hinge length (that is, critical
integration length), models with concrete stress-strain relationships regularized based on different assumed plastic hinge
lengths are expected to result in similar performance.33–36
Both Concrete01 and Concrete02 material models in
OpenSees use a uniaxial Kent-Scott-Park nonlinear compressive stress-strain relationship. Linear unloading and
reloading stiffness, equal to the initial stiffness Ec, was
assumed for cyclic loading (Fig. 7). The maximum compressive strength, strain at maximum compressive strength, residual strength, and strain at residual strength are defined by
the user, whereas the initial concrete stiffness Ec is implicitly
calculated by OpenSees based on the user-defined maximum
compressive strength and strain at maximum compressive
strength. Because these material models do not allow the
user to specify the concrete initial stiffness explicitly, the
strain at maximum compressive strength was calculated to
result in an initial concrete stiffness of Ec = 57,000 f c′ ,
with fc' in psi units per ACI 318.
The only difference between Concrete02 and Concrete01 is
that Concrete01 has zero tensile strength, whereas Concrete02
includes the tensile strength of the concrete. With Concrete02,
the user defines the tensile strength and tension softening
stiffness, in addition to the parameters used in Concrete01.
The concrete in the beams was assumed to have tensile
strength (Concrete02) equal to 7.5 f c′ (with fc' in psi units
per ACI 318), with the tensile stress conservatively assumed
to drop immediately to zero after the initiation of cracking,
thus ignoring any gradual tension softening. In comparison,

Table 6. Plastic hinge length equations
Equation
Lp = 0.5d +

0.032z

Units of measure

Reference

Meters

Corley (1966)

Lp = 0.5d + 0.05z

Any consistent length unit

Mattock (1967)

Lp = 0.08z + 6db

Any consistent length unit

Priestley and Park (1987)

Lp = 0.08z + 0.022dbfsy

Millimeters, megapascals

Paulay and Priestley (1992)

Millimeters, megapascals

Berry et al. (2008)

Lp = 0.05z +

d

0.1fsy db
fc′

Note: d = distance from extreme compression fiber to centroid of longitudinal reinforcement; db = nominal longitudinal reinforcing bar diameter;

fc = specified (design) compressive strength of concrete; fsy = specified (design) yield strength of reinforcing steel; Lp = plastic hinge length;
z = distance from critical section of beam or column to point of contraflexure (assumed as ½ element length). 1 mm = 0.0394 in.; 1 m = 3.281 ft;
1 MPa = 0.145 ksi.
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the column concrete was assumed to have no tensile strength
(Concrete01), thus conservatively simulating the nonmonolithic (precast concrete) joints at the column ends (Fig. 6).
The buckling-restrained braces were modeled as nonlinear
truss elements pinned between work point nodes without
rigid end zones (Fig. 6) rather than with separate yielding and
nonyielding regions of the brace. To properly account for the
different regions of each brace with a single truss element, the
element had an area equal to the yielding region of the brace
(Table 4), and a stiffness modification factor was used to account for the increased stiffness from the relatively rigid end
connection regions of each brace. The stiffness modification
factors ranged from 1.35 to 1.90, depending on the geometry
and yielding area of the brace. The equivalent backbone axial
force–deformation curve for the work point–to–work point
truss element was developed from the backbone curve for the
yielding region and the equivalent areas for the nonyielding
end regions of each brace. Cyclic characteristics (kinematic
and isotropic hardening) were then selected such that the
element behavior under cyclic loading would match the backbone curves (Fig. 7).

Frame modeling
Each archetype braced frame was simulated in OpenSees17 using the aforementioned nonlinear elements and materials. The
models had fixed column bases and fixed beam-to-column
connections, but the column concrete was modeled with zero
tensile strength (Concrete01), as noted in the previous section,
to simulate the precast concrete joints. Tributary dead and live
gravity loads were applied to the beams and columns of each
archetype frame using the expected median gravity load combination of 1.05D + 0.25L, as required by FEMA P695,19 with
live load reductions per ASCE 7-1620 section 4.7. The gravity
loads on each beam were applied as distributed loads based

on tributary widths. The column gravity loads were modeled
as point loads at the work point nodes at each floor and roof
level. These loads were calculated from the column tributary
areas and the loads in Table 1 but excluded the loads already
applied to the beams in the model.
Because all of the gravity loads in a building (that is, not just
the loads tributary to the braced frames) contribute to secondorder P-Δ effects, a leaning column was connected to each
frame model to capture the second-order effects of the gravity
loads not already applied on the frame. This leaning column
was pinned at the base and pinned at every three stories based
on typical precast concrete column lengths in practice, with a
pin-ended horizontal rigid link connection to the frame at each
floor and roof work point node (Fig. 8). The additional building
gravity loads were calculated as the total column axial loads in
the gravity system of the building (that is, columns not part of
the archetype braced frames). These loads were then summed
and applied as point loads to the leaning column at each floor
and roof level of the model. The leaning column was modeled
as an elastic element with an assumed area equal to the sum of
the cross-sectional areas and 70% of the sum of the moments
of inertia of the gravity system columns based on ACI 31823
Table 6.6.3.1.1(a). Because the gravity-resisting system of the
building was not explicitly designed, each gravity load column
was assumed to be 24 × 24 in. (610 × 610 mm) based on typical
precast concrete practices.
For dynamic modeling, seismic masses were assigned to all
of the work point nodes on the frame. As required by FEMA
P695,19 the total seismic mass for each floor and roof level of
the entire building was calculated using the median gravity
load combination of 1.05D + 0.25L, with live load reductions
per ASCE 7-1620 section 4.7. The total building seismic mass
was distributed equally between the braced frames in each direction, assuming rigid floor and roof diaphragms. Finally, the

Released end
Buckling-restrained
brace
Rigid link
Leaning column

Single diagonal and zigzag

Chevron

Figure 8. Braced-frame model elevation depicting leaning column and superimposed frames.
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frame seismic mass at each floor and roof level was distributed equally between the two work point nodes at that level.
Depending on the brace configuration, the archetypes were
modeled with one or two frames. The archetypes with chevron
braces were modeled using a single braced frame to represent
the building response. For the archetypes with zigzag and
single-diagonal brace configurations, the lateral load behavior
of a single frame was slightly different (that is, asymmetric) for the two in-plane loading directions. This difference
stemmed from the asymmetric layout of the braces over the
height of the frames. However, the overall building behavior
was expected to remain essentially symmetric because an
even number of frames were placed within the building plan
with alternating brace orientations to avoid the asymmetry of
a single frame. To simulate the expected symmetric behavior
of the building as a whole, rather than the asymmetric behavior of a single frame, each zigzag and single-diagonal braced
archetype was modeled using two superimposed frames
(Fig. 8). These frames were identical except for the orientation of the braces. The analyses were conducted by subjecting
the corresponding work point nodes (at the beam-to-column
connections) of the two frames to the same lateral displacement history, assuming the presence of a rigid diaphragm at
each floor and roof level of the building. Accordingly, the
seismic masses and gravity loads for these models were also
doubled for analysis.

Nonlinear model validation
The OpenSees17 nonlinear modeling approach described in the
previous section was validated using available experimental
and numerical results from Guerrero et al.15 and comparable
numerical models developed using a second analysis platform, DRAIN-2DX.18 The study by Guerrero et al. compared
the dynamic properties and seismic responses of two fourstory precast concrete frame test specimens, with and without
buckling-restrained braces. The beam and column members
and connections of the specimens used a combination of
precast concrete and cast-in-place concrete, designed with
practices used in Mexico. Braces were placed in a zigzag
configuration over the four stories, with the ends of each
brace laterally offset from the beam-to-column connections
such that the braces were attached solely to the beams. The
Ministry of Communications and Transportation building site
east-west ground motion (SCT-EW) record from the 1985
Michoacán, Mexico, earthquake was used in the study. The
structures, constructed at one-third scale, were subjected to
low-intensity white noise and the SCT-EW record of the 1985
Michoacán earthquake at different scaling factors (up to two
times the original record intensity) using a shake table. The
study also included numerical analyses of the test specimens.
The OpenSees models of the test specimens from Guerrero et
al. were developed following an approach similar to that used
for the archetype frames. The material models for the concrete,
reinforcing steel, and braces were based on the properties
reported by Guerrero et al., including an additional Concrete02

Work point node
Other node
Beam and column outline
Buckling-restrained brace
Beam/column gross centroid axis
Rigid zone

Figure 9. Modeling assumptions for precast concrete buckling-restrained braced frame tested by Guerrero et al. (2018).

material for the cast-in-place regions of each member. The
properties of the confined concrete regions were calculated using the procedures of Mander et al.32 based on the arrangement
of the reinforcement in the test specimens. Both beams and columns were modeled with rigid end zones and concrete tensile
strength (Concrete02) because the beam-to-column connections
of the specimens in the study by Guerrero et al. did not have the
precast concrete joints assumed for the archetypes herein. The
brace elements were placed at 20 degrees from horizontal, with
rigid end zones to represent the connections of each brace to
the beam elements of the frame (Fig. 9).
These models were used to conduct nonlinear static pushover
and dynamic analyses of the test specimens. Because the physical specimens were not subjected to pushover tests, the numerical base shear versus story drift behaviors from the models in
this study were compared with the numerical pushover curves
presented in Guerrero et al., which were also developed using
OpenSees (Fig. 10). For dynamic analyses, the numerical results were compared with the experimentally measured roof displacement time history of the braced-frame specimen subjected
to the SCT-EW record of the 1985 Michoacán earthquake.
In addition, Fig. 11 compares the numerical peak dynamic response envelopes over the height of the braced-frame
specimen with the experimental results from Guerrero et al.
These comparisons show that the analyses conducted following the numerical modeling approach for the archetypes
provided a good match to the measured peak story drift and
floor displacement data for the test specimen. The discrepancies for the peak absolute velocities and accelerations
were generally larger, which may be expected for nonlinear
dynamic modeling because they are higher-order responses.
However, because the peak drift and displacement responses
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Figure 10. Comparisons of pushover curves (left) and dynamic roof displacement response (right, subjected to the Ministry of
Communications and Transportation building site east-west ground motion record at 100%) with results from Guerrero et al.
Note: BRB = buckling-restrained brace. 1 in. = 25.4 mm.
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Figure 11. Comparisons of absolute peak dynamic response envelopes of braced-frame test specimen (subjected to the Ministry
of Communications and Transportation building site east-west ground motion record at 100%) with results from Guerrero et al.
Note: g = gravitational acceleration. 1 in. = 25.4 mm; 1 ft = 0.305 m.
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Figure 12. Comparisons of OpenSees and DRAIN-2DX model pushover curves (left) and dynamic roof displacement response
(right, (subjected to the Ministry of Communications and Transportation building site east-west ground motion record at 100%)
of the test specimens from Guerrero et al. Note: 1 in. = 25.4 mm.
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are the most important dynamic results for the FEMA P69519
evaluation, the validations of the modeling approach herein
demonstrated the suitability of the models for the purposes of
the study described in this paper.
For further validation, the OpenSees analyses of the test specimens were compared with results obtained using nonlinear models in a second structural analysis program, DRAIN-2DX. All
elements in DRAIN-2DX were also modeled with fiber sections,
and the concrete and steel materials were modeled to match the
OpenSees models as closely as possible. Figure 12 shows that
the results from the two modeling programs were nearly identical for the nonlinear pushover analyses as well as the dynamic
response history analyses of the specimens. These comparisons
provided further confidence for the use of the OpenSees models
in the FEMA P695 study described in this paper.

Linear-elastic drift model validation
In addition to the FEMA P69519 evaluation of the archetypes,
the OpenSees17 nonlinear braced-frame model was also used
to validate the equivalent lateral force level deformations
of the effective linear-elastic drift model used in design. To
perform this validation, both the nonlinear model and the
effective linear-elastic drift model for each archetype were
subjected to the same equivalent lateral forces used in design,
and the resulting roof drifts were compared. Because the
gravity loads from ASCE 7-1620 load combination 7 governed
the drift design from the effective linear-elastic drift models,
the corresponding nonlinear models were also subjected to the
same gravity loads from load combination 7.
Figure 13 shows that the stiffness reduction factors in Table 5
resulted in good or reasonable estimations of the nonlinear
roof drifts at the equivalent lateral force level for three selected archetypes. The effective stiffness models of the archetypes
that were drift controlled during design (all of these cases
were for nine-story archetypes) tended to underestimate the
nonlinear model drifts at the equivalent lateral force level (see
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Archetype performance evaluation
and results
Each archetype braced frame was subjected to static pushover and dynamic response time-history analyses using the
validated nonlinear OpenSees17 numerical model described
previously in this paper. These analyses and the evaluations
of the results followed the FEMA P69519 methodology. The
pushover analysis results were used to determine the system
overstrength factor Ω0 and period-based ductility μT, whereas the dynamic analysis results were evaluated with respect
to the response modification coefficient R and deflection
amplification factor Cd used in design. The results for the 32
archetypes are summarized in Table 7. The procedures used
for analysis, including the dynamic response parameters and
collapse criteria used in the seismic evaluation, are described
next, followed by discussions of the results in Table 7.

Dynamic response parameters
and collapse criteria
The results of the FEMA P69519 procedure rely heavily on the
response parameters determined from the numerical analyses
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pushover curves for archetype 2SD9 in Fig. 13). Because the
column dimensions of the drift-controlled archetypes were
increased to meet the ASCE 7-16 drift requirements (see the
“Design of Archetypes” section in this paper), the longitudinal reinforcement ratios in these structures were relatively low, around 2%, whereas most of the other archetypes
had reinforcement ratios around 4% to 5%. Therefore, the
stiffness reduction factors in Table 5 may be better calibrated
to column reinforcement ratios of around 4% to 5%. This
discrepancy, however, was deemed acceptable given that the
errors were not large and that only five of the archetypes were
drift controlled during design. It may be possible to eliminate
drift-controlled designs by using prestressed beam and column members to reduce cracking; however, this design option
was not investigated.
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Figure 13. Comparison of effective linear-elastic drift model and nonlinear model monotonic pushover curves for archetypes
1SD3 (left), 2CC3 (center), and 2SD9 (right). Note: CC = chevron brace configuration; SD = single-diagonal brace configuration. 1
kip = 4.45 kN.

PCI Journal | September–October 2021

71

Table 7. Summary of pushover and dynamic analysis results
Performance
Group

1

Archetype design
identification
number

Design configuration
Number
of stories

1SD1

1

1SD2

2

1SD3

3

Seismic design
category
Dmax

Performance group mean

2

2.94

7.35

1.89

1.56

Pass

2.29

7.55

2.55

1.56

Pass

2.19

8.43

2.65

1.56

Pass

2.36

1.96

Pass

1.61

1.56

Pass

2SD2

2

2.30

8.28

1.78

1.56

Pass

2SD3

3

2.09

8.79

1.73

1.56

Pass

4SD1

1

2.78

7.61

2.42

1.56

Pass

4SD2

2

2.24

9.57

2.32

1.56

Pass

Dmax

2.48

8.25

1.97

1.96

Pass

1SD6

6

2.14

7.34

3.02

1.56

Pass

1SD9

9

2.13

7.11

2.15

1.56

Pass

2SD6

6

2.04

7.64

2.13

1.56

Pass

2SD9

9

2.31

7.50

1.86

1.56

Pass

2.15

7.40

2.29

1.96

Pass

2.79

7.65

2.31

1.56

Pass

2.34

8.23

2.67

1.56

Pass

2.28

7.77

2.89

1.96

Pass

Dmax

3SD1

1

3SD2

2

3SD3

3

Dmin

2.47

7.88

2.62

1.56

Pass

2CC1

1

2.04

8.49

1.77

1.56

Pass

2CC2

2

1.97

7.84

2.01

1.56

Pass

2CC3

3

1.89

8.22

2.07

1.56

Pass

5CC1

1

2.05

8.97

2.55

1.56

Pass

5CC2

2

2.00

9.11

2.32

1.56

Pass

1.99

8.53

2.14

1.96

Pass

1.87

8.87

2.24

1.56

Pass

1.78

8.14

2.59

1.56

Pass

1.76

7.34

2.68

1.56

Pass

1.80

8.12

2.50

1.96

Pass

2.27

9.03

1.86

1.56

Pass

1.94

9.74

2.82

1.56

Pass

1.76

10.72

2.95

1.56

Pass

1.99

9.83

2.54

1.96

Pass

2.42

7.99

2.20

1.56

Pass

2.11

8.68

2.13

1.56

Pass

2.14

9.61

2.66

1.56

Pass

2.22

8.76

2.33

1.96

Pass

2.02

8.46

2.07

1.56

Pass

1.96

7.88

2.14

1.56

Pass

2.14

7.93

2.03

1.56

Pass

2.04

8.09

2.08

1.96

Pass

Dmax

2CC4

4

2CC6

6

2CC9

9

Dmax

3CC1

1

3CC2

2

3CC3

3

Dmin

2ZZ2

2

2ZZ3

3

4ZZ2

2

Dmax

Performance group mean

9

Pass/
fail

7.01

Performance group mean

8*

ACMR
limit†

7.78

Performance group mean

7

ACMR

2.97

Performance group mean

6

μT

2.47

Performance group mean

5*

Ω0

1

Performance group mean

4

Acceptance check

2SD1

Performance group mean

3

Overstrength and
collapse parameters

2ZZ4

4

2ZZ6

6

2ZZ9

9

Performance group mean

Dmax

Note: ACMR = adjusted collapse margin ratio; CC = chevron brace configuration; SD = single-diagonal brace configuration; ZZ = zigzag brace configuration; μT = period-based ductility; Ω0 = system overstrength factor.
*These performance groups were evaluated using a less-conservative definition of maximum brace ductility (see "Dynamic Response Parameters and
Collapse Criteria" section of paper).
† The ACMR limit listed for the individual archetypes is for 20% collapse probability, and the ACMR limit listed for the performance group mean is for
10% collapse probability. Per FEMA P695, the value of the response modification coefficient R used in design is deemed acceptable when both of the
following conditions are satisfied: the average ACMR for the archetypes in each performance group is greater than or equal to the 10% ACMR limit and
the ACMR value for each archetype is greater than or equal to the 20% ACMR limit.
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and the collapse criteria used in the seismic evaluation. The
collapse criteria include failure types that are directly simulated during the numerical analysis, as well as nonsimulated
failure types determined during the postprocessing of the
analysis results. The failure types considered for the bracedframe archetypes in this study were brace failure, gravity load
system failure, shear failure of the precast concrete beams and
columns, and axial-flexure failure of the beams and columns.
Brace failure Brace failure was the most common collapse

criterion governing the FEMA P69519 evaluation results,
which may be expected because braces are the primary
yielding lateral-force-resisting members of this system. In
this criterion, the structure was deemed to have failed when a
brace exceeded the limit for its maximum ductility μmax or its
maximum cumulative inelastic ductility μc during the dynamic
analysis. These brace ductility parameters were defined as
μmax

= Δmax/Δby

and
μc

= ∑Δinelastic/Δby

where
Δmax

= maximum brace deformation

Δinelastic = inelastic brace deformation
Δby

= brace deformation at yield

The maximum brace ductility limits used in this study ranged
from 17 to 20 in both compression and tension based on the
performance of braces that have been tested in accordance
with the cyclic qualification requirements in ANSI/AISC
341-1625 section K3. The cumulative ductility limit was
conservatively set as 200, which is the minimum cumulative
ductility required for cyclic qualification testing, though the
performance of braces tested in accordance with ANSI/AISC
341-16 would support much higher values.
The maximum cumulative inelastic ductility limit of the braces
did not control the seismic performance of the archetypes. In
comparison, the maximum ductility limit governed the primary
failure mode. Because the maximum ductility limit values used
in the evaluation were based on the performance of braces tested
in accordance with minimum ANSI/AISC 341-16 requirements,
these limits also represented conservative (lower) values for
actual expected brace ductility capacities. In other words, the
actual ductility capacity of a brace under a ground motion record
was expected to exceed the performance of the brace from
ANSI/AISC 341-16 cyclic qualification testing because the testing procedures require extremely rigorous strain cycles that are
not likely to occur under typical earthquake events. Therefore, a
revised (less conservative) collapse criterion for brace ductility
was used for a few of the archetypes that did not initially pass
the FEMA P695 requirements when using maximum ductility

limits based on measured brace performance from minimum
ANSI/AISC 341-16 requirements. In this revised definition,
brace failure was based on the total ductility range of the brace
rather than the absolute ductility in either direction (that is,
compression or tension) of loading. This ductility range was
calculated as the difference between the overall maximum and
minimum brace ductility over its entire loading history. For example, consider a brace with a maximum ductility limit of ±17
established from ANSI/AISC 341-16 cyclic qualification testing.
If this brace experienced a tension ductility demand of +25 and
a compression ductility demand of -5 during an earthquake, the
corresponding total maximum ductility demand range would
be calculated as 25 – (-5) = 30. In this example, the maximum
brace ductility demand of 25 exceeds the maximum ductility
limit of 17; however, the brace is deemed not to have reached
failure because the total range of ductility demand (30) remains
under the maximum ductility range limit of 34, calculated as
twice the maximum ductility limit of 17 (that is, maximum ductility range of 17 – [-17] = 34). The archetypes in performance
groups 5 and 8 were all evaluated based on this less-conservative
collapse criterion (Table 7).
To ensure that the revised definition of maximum brace ductility failure criterion was still conservative, the most critical
braces from the archetypes were further checked for fatigue
failure. This was done by evaluating the strain history of a brace
over the entire dynamic analysis (from the FEMA P695 study)
with a fatigue life model (between strain and number of cycles
to failure) developed through testing by the brace manufacturer
and the University of California San Diego, as documented in
Saxey et al.42 This analysis provided a damage index for each
brace, calculated based on standard rainflow counting of the
strain reversals of the brace over the duration of the ground
motion; a damage index at or above 100% would indicate brace
failure. The results showed a maximum damage index of only
16% for even the most critical cases from the archetypes in this
study. Thus, the braces were deemed very unlikely to fail under
the FEMA P695 ground-motion record set before the collapse
criteria outlined in this paper, and the revised definition of maximum brace ductility failure was deemed adequate.
Note that because maximum brace deformation limits are
based on the strain capacities of the yielding region, braces
with shorter yielding lengths tend to be less deformable and
could reach failure earlier than longer braces. Thus, frame
dimensions that result in shorter brace yielding lengths than
those investigated in this paper (Table 4) may be more susceptible to collapse.
Gravity load system failure Gravity load system failure

was deemed to occur at a prescribed story drift of 5% for any
story. This requirement is consistent with other FEMA P695
studies (for example, Bruneau et al.43 and Tauberg et al.44),
where 5% drift was expected to correspond to extensive damage to a structure.
Shear failure of beams and columns Shear failure was

checked by comparing the maximum shear force demands
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in the beam and column members against the corresponding
shear strengths calculated using ACI 31823 section 22.5.5.
The analysis results showed that this failure criterion did not
govern the collapse of any of the archetypes.

ultimate roof drift was determined from the roof displacement
at the predicted failure of the frame, usually corresponding to
the maximum ductility limit of the braces (see the “Dynamic
Response Parameters and Collapse Criteria” section in this
paper). Effective yield roof drift was calculated as the linear
elastic roof drift of the structure at the maximum base shear
strength Vmax. Based on the results of Table 7, period-based
ductility μT exceeded 6 for all of the archetypes, and the system had an average ductility of 8.2.

Axial-flexural failure of beams and columns Exces-

sive axial-flexural damage to the beams and columns of
each frame was also considered as a collapse criterion. This
excessive damage was defined as the crushing of concrete in
any beam or column over a depth equal to 25% of the beam
or column depth, or buckling or fracture of the extreme layer
of longitudinal reinforcement in any beam or column. These
criteria did not govern the collapse of the archetypes.

System response modification
coefficient R
The response modification coefficient R of 8 used in the
design of the archetypes was evaluated based on the results of
the nonlinear dynamic response history analyses. Per FEMA
P695,19 these analyses were conducted according to a modified incremental dynamic analysis procedure (Vamvatsikos
and Cornell45), where each model was subjected to a set of
ground motion records at increasing (scaled) intensities until
the structure was deemed to reach collapse. FEMA P695 prescribes a set of 22 far-field ground motion pairs (44 records
total) curated from the Pacific Earthquake Engineering
Research Center Next-Generation Attenuation database46 to
assess collapse. These ground motion records were normalized by their respective peak ground velocities, and then the
entire record set was collectively multiplied with increasing
scaling factors under the requirements of the FEMA P695
methodology. Specifically, FEMA P695 characterizes ground
motion intensity based on the spectral acceleration at the fundamental period of the archetype, with the important distinction that this intensity is defined collectively by the median
spectral acceleration of the entire record set (Fig. 15), rather
than by the different spectral accelerations of the individual
records in the set.

System overstrength factor Ω0
and period-based ductility μT
The nonlinear static pushover analyses provided data on the
system overstrength factor Ω0 and period-based ductility μT
for each archetype frame. Per FEMA P695,19 the vertical
distribution of the lateral forces at the floor and roof levels
was determined based on the seismic mass and the ordinate of
the fundamental mode for the frame model at each level. As
an example, Fig. 14 shows the monotonic pushover analysis
curve for archetype 1SD2. Although not required by FEMA
P695, the behavior of the structure under reversed-cyclic lateral loads is also shown. For each archetype, the overstrength
factor was calculated as the ratio of the maximum base shear
strength Vmax (from a monotonic analysis) to the design base
shear force VELF. Based on the results in Table 7, the overstrength factor for the precast concrete buckling-restrained
brace system Ω0 was calculated as 2.5, taken as the largest
average overstrength factor out of all the performance groups,
rounded up to the next half-unit interval.
Period-based ductility μT was calculated as the ratio of the
ultimate roof drift δu to the effective yield roof drift δy,eff,
where roof drift was calculated as the lateral displacement
at the roof level divided by the height of the archetype. The

The fundamental period T used to determine the median intensity is based on the maximum allowed ASCE 7-1620 fundamental period CuTa for each archetype, not the period comput-
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Figure 14. Monotonic pushover curve (left) showing parameters for calculation of overstrength and ductility and cyclic pushover
curve (right) for archetype 1SD2. Note: SD = single-diagonal brace configuration; VELF = design base shear force; Vmax = maximum
base shear strength; δu = ultimate roof drift; δy,eff = effective yield roof drift. 1 kip = 4.45 kN.
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Figure 15. Acceleration response spectra of the normalized Federal Emergency Management Agency’s Quantification of Building
Seismic Performance Factors, FEMA P695, record set (left) and sample incremental dynamic analysis results for archetype 1SD1
(right). Note: g = gravitational acceleration; SD = single-diagonal brace configuration. ŜCT = median collapse intensity.

ed from a numerical model of the structure using eigenvalue
analysis. According to FEMA P695, normalizing and then
collectively scaling the records leads to a range of spectral accelerations across the record set at the fundamental period of
the structure in a manner that maintains overall record-to-record variability while eliminating inherent differences from
factors such as event magnitude and distance to source.
Per FEMA P695, the lowest intensity (that is, lowest median spectral acceleration of the collective record set) that is
deemed to cause collapse of an archetype under half (22) of
the records was taken as the median collapse intensity ŜCT.
This approach can be represented in an incremental dynamic
analysis response plot of median spectral acceleration and
maximum story drift, as shown for archetype 1SD1 in Fig. 15.
In this figure, each gray line represents the maximum story
drift response of the archetype model under one ground motion record at increasing intensities, where each point represents the dynamic analysis result from one record at one intensity. Failure of the archetype (based on the aforementioned
collapse criteria) during a ground motion event is usually
manifested in the graph as the flattening of the response curve
under increasing intensities. The ŜCT value corresponds to the
median intensity at which the structure is deemed to have collapsed under half of the records. After ŜCT is determined, the
corresponding collapse margin ratio (CMR) is calculated as
CMR

= ŜCT/SMT

where
SMT

= maximum considered earthquake intensity from the
response spectrum at the fundamental period of the
structure T per ASCE 7-1620 section 11.4.4

The adjusted collapse margin ratio (ACMR) is then calculated
by multiplying the CMR with a spectral shape factor (SSF)
as defined by FEMA P695 Tables 7-1a or 7-1b. The SSF, determined based on period-based ductility μT and fundamental

period T for the archetype, is intended to account for ground
motions that differ from the ASCE 7-16 design spectrum.
To evaluate the response modification coefficient R of 8 used in
design, the collapse performance of each archetype was assessed
based on the ACMR value from the incremental dynamic
analysis procedure. For this evaluation, FEMA P695 Table 7-3
provides minimum ACMR limits corresponding to 10% and
20% collapse probabilities based on the total system collapse
uncertainty βTOT calculated using the following equation.
βTOT

2

2

2

2

2

= βRTR + βDR + βTD + βMDL

where
βRTR

= record-to-record variability = 0.20 ≤ 0.1 + 0.1μT ≤
0.40

βDR

= uncertainty in design requirements

βTD

= test data uncertainty

βMDL

= modeling uncertainty

Values for the total system collapse uncertainty βTOT range from
0 to 1. The expected uncertainty values in design requirements,
test data, and modeling are all based on a qualitative assessment
of each uncertainty and FEMA P695 Tables 3-1, 3-2, and 5-3.
In this study, all three uncertainties were rated as “good,” corresponding to βDR = βTD = βMDL = 0.20. Based on these results, the
total system collapse uncertainty βTOT is 0.53, and the corresponding minimum ACMR limits were calculated as 1.56 and
1.96 for 20% and 10% collapse probabilities, respectively.
Per FEMA P695, the value for the response modification
coefficient R used in design is deemed acceptable when both
of the following conditions are satisfied:
•

The average ACMR for the archetypes in each perfor-
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mance group is greater than or equal to the 10% ACMR
limit.
•

The ACMR value for each archetype is greater than or
equal to the 20% ACMR limit.

Table 7 shows that the calculated individual and average
ACMR values for all of the archetypes were above the ACMR
limits based on 10% and 20% collapse probabilities. The
response modification coefficient R value of 8 used in design
was therefore deemed acceptable for the precast concrete
buckling-restrained braced-frame system.

System deflection amplification factor Cd
According to FEMA P695,19 the system deflection amplification factor Cd is calculated as
= R/BI

Cd
where
BI

= numerical coefficient for effective damping βI from
Table 18.7-1 of ASCE 7-1620

βI

= effective damping due to inherent dissipation of energy by the structure, at or just below the effective
yield displacement of the seismic-force-resisting
system (ASCE 7-16 section 18.7.3.2)

FEMA P695 assumes that the structure will have inherent
damping at 5% of critical. Therefore, the numerical coefficient
for effective damping BI is 1.0 for the system, and deflection
amplification factor Cd = R = 8.
An explicit calculation of the deflection amplification factor Cd
for each archetype was also performed to justify the value of
8. This alternate calculation of deflection amplification factor
Cd was based on a method performed by other FEMA P695
studies, including Bruneau et al.43 and Tauberg et al.44 In this
method, the deflection amplification factor Cd is calculated as
= δDBE/δELF

Cd
where
δDBE

= maximum dynamic roof drift demand at design
earthquake intensity

δELF

= roof drift of effective linear-elastic drift model
under equivalent lateral forces

The value of the maximum dynamic roof drift demand at the
design earthquake intensity δDBE for each archetype was determined using the following steps:
1.
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earthquake spectrum level at the fundamental period of
the archetype CuTa, where the design earthquake intensity
is determined from FEMA P695 based on the seismic
design category (SDC).

Scale the median spectral acceleration of the FEMA
P695 collective ground-motion record set to the design
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2.

Conduct nonlinear dynamic history analyses of the structure under each scaled record.

3.

Find the maximum roof drift demand from each record.

4.

Take the median value across all of the maximum roof
drift demands as the maximum dynamic roof drift demand at the design earthquake intensity δDBE.

The roof drift of the effective linear-elastic drift model
under equivalent lateral forces δELF was determined for each
archetype with the gravity loads changed to the FEMA P695
median load combination of 1.05D + 0.25L. The purpose
of using the effective linear-elastic drift model rather than
the nonlinear model was for the resulting roof drift δELF
to be consistent with the value used in the design of each
archetype. The results of these calculations are outlined in
Table 8, showing that the deflection amplification factor Cd
across all archetypes ranged from 3.9 to 9.8. The mean Cd
values for the different performance groups ranged from 4.9
to 7.5, and thus, the results of this alternate method supported the recommended system level deflection amplification
factor Cd value of 8.
Note that although a deflection amplification factor Cd of 8
is recommended to encompass a wide range of applications
for the proposed precast concrete braced-frame system,
archetypes with a higher number of stories typically resulted
in lower values of the deflection amplification factor Cd. For
example, all archetypes with six stories or more had deflection amplification factor Cd values close to 5 (Table 8). Thus,
future work may consider separating the precast concrete
buckling-restrained braced-frame system based on the number
of stories or height to allow for the use of a lower deflection
amplification factor Cd value for taller buildings. This would
be beneficial for design because taller buildings are more likely to be controlled by drift, and thus, more efficient designs
can be achieved using a lower deflection amplification factor
Cd value for these structures.

Conclusion
This study numerically evaluated the seismic design of precast concrete buckling-restrained braced frames as a novel
primary lateral-force-resisting structure using the FEMA
P69519 methodology. A set of 32 braced-frame archetypes
were designed to represent the range of key parameters
expected to govern the seismic performance of the system,
including the brace configuration (chevron, single diagonal,
and zigzag), building height, and building layout. Nonlinear
static pushover analyses of the structures were conducted
to determine the system overstrength factor Ω0. In addition,
incremental dynamic analyses were conducted under a set of

Table 8. Calculated deflection amplification factors
Performance group

1

Design configuration

Archetype design
identification number

Number of stories

1SD1

1

1SD2

2

1SD3

3

Seismic design category

8.7
Dmax

7.5

2SD1

1

8.6

2SD2

2

6.7

2SD3

3

4SD1

1

6.5

4SD2

2

6.8

Dmax

Performance group mean

3

1SD6

6

1SD9

9

2SD6

6

2SD9

9

4.8
Dmax

3SD1

1

3SD2

2

3SD3

3

9.2
Dmin

6.3

2CC1

1

8.6

2CC2

2

6.8

2CC3

3

5CC1

1

7.0

5CC2

2

7.6

Dmax

2CC4

4

2CC6

6

2CC9

9

6.6
Dmax

5.4
4.3
5.4

3CC1

1

3CC2

2

3CC3

3

9.8
Dmin

6.1
4.4
6.8

2ZZ2

2

2ZZ3

3

4ZZ2

2

7.0
Dmax

6.2
7.1

Performance group mean

9

6.5

7.3

Performance group mean

8

5.9
3.9

Performance group mean

7

4.8

4.9

Performance group mean

6

5.1

5.0

Performance group mean

5

6.0

6.9

Performance group mean

4

7.3
6.4

Performance group mean

2

Cd

6.8

2ZZ4

4

2ZZ6

6

2ZZ9

9

6.1
Dmax

5.0
5.1

Performance group mean

5.4

Note: Cd = deflection amplification factor; CC = chevron brace configuration; SD = single-diagonal brace configuration; ZZ = zigzag brace configuration.
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44 ground motion records to evaluate the response modification coefficient R and deflection amplification factor Cd
used in design. The main conclusions from the study are as
follows:
•

Buckling-restrained braces exert large axial tension
forces on the beams and columns, which result in large
reinforcement requirements for these members. The use
of higher-grade reinforcing bars can minimize the sizes
of the beam and column members while meeting design
requirements for steel reinforcement ratios.

•

The large axial forces (both tension and compression)
that develop in the beams of buckling-restrained precast
concrete frames require these members to be designed and
detailed like columns of special reinforced concrete frames.

•

Current practice for the design of buckling-restrained
braces in steel frames is typically based on brace deformations calculated using a simplified shear building model where the beam and column members of the frame are
assumed to be axially rigid. This assumption can lead to
unrealistically large brace elongations in precast concrete
braced frames because it ignores the frame deformations
due to cracked beams and columns. As such, buckling-restrained braces in precast concrete frames should be
designed using the brace deformations calculated directly
from an effective (cracked) linear-elastic drift analysis
model. This paper provides recommended effective stiffness reduction factors for beams and columns that can be
used for design.

•

78

The nonlinear numerical modeling approach described
in this paper provided good comparisons with available
experimental shake-table test results of a precast concrete
buckling-restrained braced frame, especially in terms of
the peak displacement response parameters, which are
most important for the FEMA P695 evaluation. These
comparisons provided the validation of the models used
in this paper.

•

The numerical analyses showed that typical failure of
the archetype frames was reached due to failure of the
buckling-restrained braces by exceeding maximum brace
ductility limits. In comparison, the maximum cumulative
inelastic ductility limit of the braces or the failure of the
beams and columns did not govern the seismic performance of the archetypes.

•

Based on the nonlinear pushover and dynamic analyses
of the archetype frames in this study, the proposed system
overstrength factor Ω0 is 2.5, response modification
coefficient R is 8, and deflection amplification factor Cd is
8 for precast concrete buckling-restrained frames. These
proposed seismic performance factors were shown to
satisfy the applicable FEMA P695 collapse probability
limits for a variety of building plans, building heights,
and brace configurations.
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Note that these conclusions may be limited to the archetypes
designed, the assumptions made in their numerical modeling
and collapse criteria, and the ground motion records used in
the dynamic analyses. The precast concrete buckling-restrained
braced-frame system currently lacks United States–based experimental evaluation, so future work is needed to provide system-level test data for this novel structure. In addition, this study
did not include the design of the brace connections to the beam
and column members. Future experimental testing is needed
to ensure that these connections can be properly designed and
detailed to reach the system performance levels shown in this
study. Future work should also explore the use of buckling-restrained braces within prestressed and jointed (that is, nonemulative) precast concrete structures. Finally, based on the trends
shown in the rigorous calculation of the deflection amplification
factor Cd, future work may consider separating the system with
respect to height, to allow for the use of a more favorable (lower) deflection amplification factor Cd value for taller buildings
(for example, using a deflection amplification factor Cd of 5 for
structures with 6 or more stories).
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Notation
Ag

= gross area of beam or column section, neglecting
reinforcement

Asc

= steel core (yielding) area of brace

Asc,min

= minimum steel core (yielding) area of brace

Pu

= factored design axial force of beam or column (positive for compression and negative for tension)

Ast

= total area of longitudinal reinforcement in beam or
column section

R

= response modification coefficient

BI

= numerical coefficient for effective damping

Ry

= adjustment factor for expected brace yield
strength

BRBC

= adjusted brace force in compression

BRBT

= adjusted brace force in tension

SD1

= design spectral response acceleration parameter at
1-second period

Cd

= deflection amplification factor

SDS

= design spectral response acceleration parameter at
short periods

Cu

= coefficient for upper limit on calculated period
= distance from extreme compression fiber to centroid of longitudinal tension reinforcement

SMT

= maximum considered earthquake intensity

d

^

SCT

= median collapse intensity

db

= nominal diameter of longitudinal reinforcing bar

T

= fundamental period

D

= average distributed dead load

Ta

= approximate fundamental period

Ec

= initial concrete stiffness

VELF

= design base shear force

fc'

= specified (design) compressive strength of concrete

Vmax

= maximum base shear strength

fsy

= specified (design) yield strength of reinforcing steel

Vstory

= shear force in story being designed

fymax

= highest expected steel core yield strength of brace

z

= distance from critical section of beam or column to
point of contraflexure

fymin

= lowest expected steel core yield strength of brace
= net upward force on beam due to adjusted brace
forces in chevron configuration

α

= angle of brace relative to horizontal

Fy

β

= adjustment factor for brace force in compression

g

= gravitational acceleration

βDR

= uncertainty in design requirements

h

= depth of beam or column section

βI

Ie

= seismic importance factor

= effective damping due to inherent dissipation of
energy by structure, at or just below effective yield
displacement of seismic-force-resisting system

Ig

= gross moment of inertia of beam or column section,
neglecting reinforcement

βMDL

= modeling uncertainty

= live load

βRTR

= record-to-record variability

L

= plastic hinge length

βTD

= test data uncertainty

Lp

= factored design moment of beam or column

βTOT

= total system collapse uncertainty

Mu
nb

= number of braces in story being designed

δDBE

= maximum dynamic roof drift demand at design
earthquake intensity

NQE

= brace axial force under equivalent lateral forces

δELF

= roof drift of effective linear-elastic drift model
under equivalent lateral forces

Nu

= factored design brace axial force
= nominal compression (uniaxial) strength of beam or
column at zero eccentricity

δu

= ultimate roof drift

Po

δy,eff

= effective yield roof drift
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Δby

= yield deformation of brace

Δmax

= maximum brace deformation

Δinelastic = inelastic brace deformation

82

θ

= nonlinear story drift

θe

= effective linear-elastic story drift

μc

= maximum cumulative inelastic ductility of brace

μmax

= maximum ductility of brace

μT

= period-based ductility of braced frame

ρ

= redundancy factor

ΣMnb

= sum of nominal moment strengths of beams framing into joint

ΣMnc

= sum of nominal moment strengths of columns
framing into joint

φ

= capacity reduction factor

ω

= strain hardening adjustment factor

Ω0

= system overstrength factor

PCI Journal | September–October 2021

About the authors

in Raleigh.

Shane Oh is a PhD K.
<Body>Mohamed
candidate
Nafadi, in
PhD,
the
Department
is an assistant
of Civil
professor
and of
structural engineering
Environmental
Engineering
at Assiut
and
University
Earth
Sciences
in Assiut,
at the Egypt.
University
He isof
a former
Notre
Dame
graduate
in Notre
research
Dame, Ind.
assistant in the Department of
Civil, Construction, and Environmental Engineering at North
Yahya
Carolina
C. State
Kurama,
University
PhD, PE,
(NCSU)
is a
professor in the Department of
Civil and Environmental EngiOmar M.and
neering
Khalafalla,
Earth Sciences
is a graduate
at the
research and
University
ofteaching
Notre Dame.
assistant
and PhD candidate in the Department of Civil, Construction, and
Environmental Engineering at
NCSU.
Jon
Mohle, SE, is a senior product
and market manager at Clark
GregoryinW.
Pacific
Sacramento,
Lucier, PhD,
Calif.
is a
research assistant professor in the
Department of Civil, Construction,
and Environmental Engineering
and manager of the Constructed
Facilities Laboratory at NCSU.
Brandt W. Saxey, SE, is technical
Sami H. at
director
Rizkalla,
CoreBrace
PhD,
LLC
FPCI,
in Salt
FACI,City,
Lake
FASCE,
Utah.FIIFC, FEIC,
FCSCE, is Distinguished Professor of Civil Engineering and
Construction, director of the
Constructed Facilities Laboratory,
and director of the National
Science Foundation Center on
Integration of Composites into
Infrastructure at NCSU.
Paul Z. Zia, PhD, PE, FPCI, is a
Distinguished University Professor Emeritus in the Department of
Civil, Construction, and Environmental Engineering at NCSU.
Gary J. Klein, PE, is executive
vice president and senior principal
for Wiss, Janney, Elstner Associates Inc. in Northbrook, Ill.

Abstract
This paper
Body
text describes a numerical evaluation of the
seismic design of precast concrete buckling-restrained
braced frames based on the Federal Emergency ManKeywords
agement Agency’s Quantification of Building Seismic
Body text
Performance
Factors (FEMA P695) methodology. A
set of 32 archetype braced frames covering a range of
parameters were
Review
policy
designed using a procedure consistent
with current U.S. building code requirements. NonBody text
linear
numerical models were developed and verified
against existing experimental data. The results show
that large axial
Reader
comments
compression and tension forces develop
in both beams and columns, thus requiring these memBodytotext
bers
be designed with large reinforcement ratios or
higher-grade reinforcing bars and beams to be designed
like column members. Recommended beam and column effective (cracked) linear-elastic axial and flexural
stiffness reduction factors provide reasonable estimates
of story drifts and brace deformations under design
lateral forces. Nonlinear monotonic static pushover
and incremental dynamic analyses of the archetypes
support an overstrength factor of 2.5, response modification coefficient of 8, and deflection amplification
factor of 8 for the seismic design of this system.
https://doi.org/10.15554/pcij66.5-03

Keywords
Buckling-restrained braced frame, deflection amplification factor, FEMA P695, incremental dynamic
analysis, monotonic static pushover analysis, precast
concrete frame lateral system, response modification
coefficient, seismic design, seismic performance factor,
system overstrength factor.

Review policy
This paper was reviewed in accordance with the
Precast/Prestressed Concrete Institute’s peer-review
process.

Reader comments
Please address any reader comments to PCI Journal
editor-in-chief Tom Klemens at tklemens@pci.org or
Precast/Prestressed Concrete Institute, c/o PCI Journal, 8770 W. Bryn Mawr Ave., Suite 1150, Chicago, IL
60631. J

PCI Journal | September–October 2021

83

