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Unbonded post-tensioned precast concrete beam-
column subassemblages have been studied in
previous research and were found to be a
promising seismic resistant structural system. The
behavior of two six-story unbonded post-tensioned
frames is studied using nonlinear push-over static
analyses and time-history dynamic analyses. Two
analytical models are developed for the analyses;
the fiber model and the spring model. The results
show that the behavior of unbonded post-
tensioned precast frames, in particular, the
strength, ductility, and self-centering capability, is
more than adequate for severe earthquake loading.

cost-efficient systems which provide high quality,

and fast, easy erection on site. However, the research
performed on precast concrete structural systems is limited
compared to research on reinforced concrete systems. As a
result, the U.S. model building codes include detailed seis-
mic design provisions for cast-in-place reinforced concrete
structural systems, but include only general provisions for
the design of precast concrete structural systems.

In response to the recognized need for research on precast
concrete systems for seismic regions, the PRESSS (Precast
Seismic Structural Systems) research program was initiated
in 1990." The PRESSS research program is a coordinated
program of analytical and experimental research intended to
develop seismic resistant structural systems and seismic de-
sign provisions for precast concrete structures. The research
described in this paper was performed as part of the
PRESSS program.

P recast concrete structural systems for buildings are
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This paper focuses on unbonded
post-tensioned precast concrete
frames. Prototype frames are dis-
cussed first. Then, the behavior of
beam-column connections/subassem-
blages is discussed. Criteria are then
proposed for the design of unbonded
post-tensioned precast frames. The de-
sign of the prototype frames according
to the design criteria is then discussed.
Finally, the results of static and dy-
namic analyses of the prototype
frames are presented and discussed.

SELECTION OF
PROTOTYPE FRAMES

The prototype structures investi-
gated in this paper are six-story office
buildings. The layout of the lateral and
gravity load frames of the prototype
structures is shown in Fig. 1(a). An el-
evation view showing the story
heights and precast concrete compo-
nents is given in Fig. 1(b). The build-
ing layout is adopted from the layout
suggested by Nakaki and Englekirk.?

The lateral load system is comprised
of four unbonded post-tensioned pre-
cast frames, two for each direction, lo-
cated on the perimeter of the plan. The
lateral load resisting frames (prototype
frames) also carry gravity loads. The
floor system consists of 24 in. (610
mm) deep double tees running in the
north-south direction of the building.
The floor system is provided with a
2.5 in. (64 mm) thick cast-in-place
concrete topping.

SUBASSEMBLAGE BEHAVIOR
AND MODELING

Unbonded post-tensioned precast
concrete frames are designed as “duc-
tile frames,” in which the nonlinear/in-
elastic deformations occur only in the
connections. Therefore, the frame be-
havior is controlled by the beam-col-
umn connection behavior. To investi-
gate the beam-column connection
behavior, a subassemblage is cut from
the frame at the locations of hypotheti-
cal points of inflection located at mid-
height of the columns and midspan of
the beams (see Fig. 2).

The subassemblage consists of con-
nected beam and column segments
with boundary conditions typical of
beam-column subassemblage test
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Fig. 1. Prototype frames: (a) layout of prototype building; (b) elevation view of

prototype frames. Note: 1 ft = 305 mm.

specimens. The beam-column connec-
tion is considered to be the part of the
beam adjacent to the column. The
post-tensioning steel is unbonded
through the column and for some dis-
tance through the beams on each side.
The flexural behavior of an un-
bonded post-tensioned beam-column
connection is characterized by gap
opening/closing at the beam-column
interface upon loading/unloading. Un-
like cast-in-place connections, the in-
elastic deformations are concentrated
in the connection region where a

“crack” already exists between the
precast beam and column segments. In
addition, because the post-tensioning
steel is unbonded, additional flexural
cracks do not form in the beam in the
connection region.

The load-deflection behavior of the
subassemblage is essentially nonlinear
elastic as shown in Fig. 3. Although
this behavior provides little energy
dissipation, a frame utilizing this type
of connection can be designed to re-
turn to its original position without
residual displacement (self-centering)
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Fig. 2. Unbonded post-tensioned precast beam-column subassemblage.

and to retain its initial stiffness after a
design level earthquake. The un-
bonded length of the post-tensioning
steel can be designed to allow the dis-
placement demand of the design level
earthquake to be reached without
yielding of the post-tensioning steel.
Consequently, the prestressing force
can be maintained through the load-
ing/unloading cycles. A wide gap
(crack) is expected at the beam-col-
umn interface, and the associated con-
crete compression strains near the gap
are likely to be large. Therefore, spiral
reinforcement (see Fig. 2) is necessary
to confine the concrete.

Shear deformations occur in the
beam-column subassemblage, includ-
ing the beam-column panel zone.
Shear deformations in the beams and

columns should be kept in the elastic
range. Moreover, shear slip at the
beam-column interface should be pre-
vented by providing an appropriate
clamping force through the connection
that is sufficient for all load condi-
tions. Compared to a bonded post-ten-
sioned connection, an unbonded post-
tensioned connection maintains its
initial clamping force through much
larger levels of drift, because inelastic
deformation of the post-tensioning
steel is delayed.

Two analytical models have been
developed for the beam-column sub-
assemblage: the fiber model (FM), and
the spring model (SM).>* Fig. 4 shows
the two models which use elements
from the computer program DRAIN-
2DX.3

Fig. 3.

Nonlinear elastic
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behavior.
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In the FM, the behavior of the con-
crete in the beam-column connection
region is modeled using fiber beam-
column elements. Other elements used
in the FM include: (1) elastic beam-
column elements to model parts of the
beams and columns where only linear
elastic deformations are expected to
occur; (2) truss elements to model the
unbonded post-tensioning steel; (3) a
zero-length spring element to model
the panel zone shear deformations; (4)
rigid links and rigid end zones to
model the axial and flexural deforma-
tions of the portions of the beams and
columns within the panel zone, re-
spectively; and (5) rigid links to tie the
truss element end nodes to the adja-
cent fiber nodes at the locations of the
post-tensioning steel anchorages.

In the SM, the nonlinear behavior of
an unbonded post-tensioned precast
beam-column connection is modeled
using a zero-length rotational spring
element, which replaces the fiber and
truss elements in the FM. The SM is
expected to give less accurate results
than the FM. However, the hysteretic
behavior of the SM can be directly
controlled varying a factor (¢,), unlike
the hysteretic behavior of the FM,
which depends directly on the behav-
ior of the concrete and steel fibers
used to model the beam cross section.
This feature of the SM is used in para-
metric studies of the dynamic response
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of the prototype frames, as discussed
later.

The FM and the SM are verified by
comparing their behavior with the re-
sults of a test conducted at NIST on
Specimen GPZ4.° Fig. 5(a) shows the
experimentally determined hysteretic
behavior of NIST Specimen GPZ4,
plotted as lateral load versus lateral
deflection. Figs. 5(b) and (c) show the
hysteretic behavior of this specimen
predicted by analysis using the FM
and the SM, respectively.

Both models provide a good esti-
mate of the hysteretic behavior of the
test specimen. In particular, the initial
stiffness and the strength are accu-
rately predicted by both models. The
hysteresis loops of the analytical mod-
els appeared to be narrower than the
test results which indicates that the
models underestimate the energy dis-
sipation of the specimen.

BEHAVIOR OF
BEAM-COLUMN
CONNECTIONS

The moment-rotation behavior of an
unbonded post-tensioned beam-col-
umn connection is characterized by
several limit states, which are related
to the stress-strain state of the concrete
and the stress-strain state of the post-
tensioning steel. The following discus-
sion is based on studies of a large
number of unbonded post-tensioned
beam-column connections.**

Fig. 6 shows the typical moment-ro-
tation behavior of a connection de-
signed to have yielding of the post-
tensioning steel before failure
(crushing) of the confined concrete.
Fig. 6 also shows a trilinear idealiza-
tion of the moment-rotation behavior.
Five limit states are identified.

State 1 is the decompression limit
state. It represents the beginning of
gap opening at the beam-column inter-
face, when the concrete reaches zero
stress at the extreme fiber of the beam.
Increasing the moment beyond the de-
compression moment (M) causes:
(1) an initiation of gap opening and an
increase in the length of the gap open-
ing along the interface which results in
geometric softening of the connection;
and (2) an increase in the stress and
strain in the concrete which eventually
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Fig. 4. Analytical models: (a) fiber model (FM); (b) spring model (SM).

results in concrete softening. Both of
these effects gradually soften the mo-
ment-rotation behavior of the beam-
column connection.

State 2 is the linear limit state
(M;1,6y). This is the state at which the
moment-rotation behavior signifi-
cantly deviates from the initially linear
behavior and begins to soften dramati-
cally. The linear limit is not well de-
fined in terms of the stress-strain state
of the concrete or the post-tensioning
steel.

State 3 is the cover spalling limit
state. This is the state at which the un-
confined concrete cover spalls. At this
state, a rapid decrease in the uncon-
fined concrete stress takes place, caus-

ing a decrease in the slope of the beam
moment-rotation relationship.

State 4 is the yield limit state
(My,()y). This is the state at which the
post-tensioning steel reaches the limit
of proportionality (f,;) on the post-ten-
sioning steel stress-strain curve. The
yield limit state is the upper bound on
the elastic behavior of the beam-col-
umn connection. Beyond this state, the
post-tensioning steel deforms inelasti-
cally, but the inelastic strain in the
post-tensioning steel is small, because
the inelastic strain is spread over the
unbonded length.

State S is the ultimate limit state
(M,;;,6,;,). This is the state when the
strain in the extreme fiber of the con-
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fined concrete reaches its ultimate
strain (€.,) which is defined by frac-
ture of the spiral reinforcement. A
sudden failure is expected because a
large volume of confined concrete will
fail when the spirals fracture.

An idealized trilinear moment-rota-
tion behavior for unbonded post-ten-
sioned beam-column connections has
been developed for use in the design
of these connections. The idealization
is based on approximate formulas for
estimating the moment and rotation at
three limit states, namely, the linear

limit, the yield limit, and the ultimate
limit states. The moment is calculated
at the beam-column interface, while
the rotation is calculated as the differ-
ence between the rotation at the col-
umn face and the rotation of the sec-
tion (at a hypothetical point of
inflection) at the midspan of the beam.

The derivation of the approximate
formulas is based on several assump-
tions, the most important is that, in
axial-flexural deformation, plane sec-
tions are assumed to remain plane
after loading. Table 1 gives the ap-
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Fig. 5. Lateral load-deflection relationship for NIST Specimen GPZ4: (a) test results;
(b) fiber model (FM); (c) spring model (SM). Note: 1 in. = 25.4 mm; 1 kip = 4.45 kN.
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proximate formulas used for the tri-
linear idealization. The detailed
derivation of the approximate formu-
las can be found in the reports by El-
Sheikh et al.>#

Estimation of the Linear Limit
(My,6;) — The linear limit moment
(M,;)) is considered to be the smaller of
two values; the first value accounts for
concrete softening and the second
value accounts for geometric softening
due to gap opening. The first value of
M), is the moment calculated by in-
cluding the concrete cover, treating all
the concrete as unconfined, assuming
the extreme fiber strain of the concrete
is 0.003, and assuming the force in the
post-tensioning steel is the initial force
(neglecting post-tensioning steel elon-
gation). The second value of M con-
siders the opening of the gap at the
beam-column interface. Typically, the
effect of the gap opening on the slope
of the moment-rotation curve is small
until the gap opening length has prop-
agated beyond the section centroid.’

Based upon studies of numerous
beam-column connections using the
fiber model, in which softening was
not significant until the gap opening
length propagated over 75 percent of
the section depth, the linear limit mo-
ment which accounts for gap opening
was selected to be 2.5M,.. The linear
limit rotation (6y) is calculated assum-
ing the beam is uncracked, i.e., based
on the initial stiffness of the moment-
rotation curve.

Estimation of the Yield Limit
(M,,6,) — The estimation is based on
several assumptions, the most impor-
tant are: (1) the elastic flexural defor-
mations over the length of the beam
are negligible, since the rotation due to
gap opening and deformation of the
concrete near the beam-column inter-
face is dominant, and the elastic defor-
mations of the rest of the beam are
small, (2) the center of rotation at the
beam-column interface is at the neu-
tral axis, and (3) the cover concrete
has spalled.

Estimation of the Ultimate Limit
(M 4s6,;) — Referring to Fig. 6, the
beam ultimate moment (M,;,) is as-
sumed equal to the yield moment
(M,). The main factors affecting the
ultimate rotation capacity (6,;,) are the
ultimate concrete strain (€.,) and the
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failure length of the confined concrete
adjacent to the beam-column interface
(L.,) shown in Fig. 2. L., can be esti-
mated from the dimensions of the con-
fined concrete in compression in the
beam-column connection at the ulti-
mate limit. In this study, L., is taken as
the minimum of the confined concrete
width (b”) and two times the stress
block depth (2a”). The curvature is as-
sumed constant over L, and the elastic
deformations over the remaining
length of the beam are neglected.

PROPOSED
DESIGN APPROACH

A proposed design approach, based
on the equivalent lateral force proce-
dure of the NEHRP seismic design
provisions?® is described in this sec-
tion. To provide sufficient ductility, a
frame is designed so the failure
mechanism is a beam sway mecha-
nism, where hinges form at the beam-
column connections and at the bases
of the columns. A capacity design
concept is used to ensure that the re-
mainder of the frame will remain lin-
ear elastic.

The proposed seismic design ap-
proach considers two levels of earth-
quake ground motion, the design level
and the survival level. The design
level ground motion is chosen to be
the design basis ground motion of the
1991 and 1994 editions of the
NEHRP provisions® with a 90 percent
probability of not being exceeded in
50 years, corresponding approxi-
mately to a 500-year return period.
The survival level ground motion is
assumed to have a 90 percent proba-
bility of not being exceeded in 250
years, corresponding approximately to
a 2500-year return period. The sur-
vival level ground motion is taken to
be 2.5 times the NEHRP design basis
ground motion.

According to the proposed design
approach, the design level ground mo-
tion may cause only minor, easily re-
paired damage to both structural and
nonstructural components, while the
survival level ground motion may
cause damage to the structure that can-
not be repaired, but should not cause
the structure to collapse.

The nonlinear behavior of a well-de-
signed unbonded post-tensioned pre-
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Table 1. Approximate formulas for moment-rotation behavior of

beam-column connections.

Limit state Moment Rotation
Linear limit state Smaller of the following: Smaller of the following:
" 3y S Ll f
Jalf; 911=L(1__

M, =050f,A R 1-—=—% 2hE 0.85
0.85 7
M, =042f Ah _ 2L
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2hE

(-]

Yield limit state *

M, =05f,A (h"-a")

n_G f;i/f;; b
" =Ldalte
afp,./fpub

- (fpl = fpi )Lpu
"’ (0.5h"-a"/ E,

Ultimate limit state
M, =M

ult y

Note: Notation is given in the Appendix.

* Approximate formulas for yield limit state are limited to interior beam-column connections and to
exterior beam-column connections with concentric post-tensioning steel.

cast frame is controlled by the mo-
ment-rotation behavior of the beam-
column connections. Therefore, the
lateral load behavior of the frame is
idealized using a trilinear base shear-
roof displacement relationship based
on the trilinear idealization of the mo-
ment-rotation behavior. The idealized
base shear-roof displacement behavior
is shown in Fig. 7, where three regions
can be characterized. The first region
is essentially linear elastic. The second
region is characterized by a signifi-
cantly reduced stiffness. The third re-

gion is a yielding plateau with essen-
tially zero slope.

Three limit states are shown on the
trilinear idealization of the frame be-
havior. The linear limit state (V;,A4;)
corresponds to the effective linear
limit of the frame which is controlled
by the linear limit of the beam-column
connections. The yield limit state
(V,,4,) corresponds to an effective
yield limit of the frame, when stresses
in the post-tensioning steel in the
beam-column connections reach the
limit of proportionality of the steel.
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The ultimate limit state (V,;,A,;,) cor-
responds to failure of confined con-
crete in the beam-column connections.

Three base shear levels are defined
in Fig. 7: (1) elastic base shear (V,));
(2) design base shear (V,,); and (3)
survival base shear (V,,). The design
base shear (V) corresponds to elastic
response to the design level ground
motion. The survival base shear (V,,)
corresponds to elastic response to the
survival level ground motion and is
taken as 2.5 times V. The elastic
base shear (V,) is the reduced base
shear demand used in design, and is
taken as V,,, divided by a response
modification factor (R).

The behavior of an unbonded post-
tensioned precast frame (see Fig. 7) is
not easily predicted after the beam-
column connections reach their linear
limit, because the distribution of inter-
nal forces and deformations in the
frame differs from the linear elastic
distribution. This redistribution results
in significant variations in the ductility
demands among the beam-column
connections, and the ductility demands
on the beam-column connections are
expected to be larger than the ex-
pected frame ductility demands.

The NEHRP? equivalent lateral
force procedure idealizes seismic
loading as static lateral forces. The
force levels prescribed by the NEHRP
design provisions are significantly
lower than required to ensure a linear
elastic response, as nonlinear behavior
is allowed for economic reasons. The
response modification factors (R) de-
fined in NEHRP, are used to obtain re-
duced force levels (shown as V,; in
Fig. 7) from the forces corresponding
to linear elastic response to the design
basis ground motion. The unbonded
post-tensioned precast frame system is
considered to be a special moment re-
sisting frame system with ductile con-
nections, and the corresponding value
of R = 8 is used in design.

The proposed design approach uses
the NEHRP equivalent lateral force
procedure to determine the member
forces and deformations. Design crite-
ria for the flexural behavior of the
beam-column connections are given
below. Fig. 8 shows the idealized tri-
linear moment-rotation relationship
for the beam-column connection, to-
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gether with the notation used to de-
scribe the design criteria. The design
approach has three sets of criteria re-
lated to the three limits of the trilinear
idealization.

Linear Limit State Criteria — The
linear limit criteria are used to ensure
that the connection has sufficient stiff-
ness. The response of the beam-col-
umn connection up to the linear limit
is essentially linear elastic. The linear
limit criteria are defined in terms of
both moment and rotation. The crite-
rion for moment is:

M <My (D)

where M, is the beam-column connec-
tion bending moment demand for the
reduced level of earthquake loading
(shown as V,; in Fig. 7), estimated

using linear elastic analysis of the
frame under NEHRP® equivalent lat-
eral forces (and factored gravity
loads).

The linear limit criterion for rotation
is related to the allowable story drift
given in the NEHRP provisions.® As-
suming that the story drift is mainly
caused by the beam-column connec-
tion rotation, the criterion is written as
follows:

0,< 6 /Cq 2)

where
6,; = beam-column connection rota-
tion demand for the reduced
level of earthquake loading, es-
timated using linear elastic
analysis under NEHRP?® equiv-
alent lateral forces
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6,; = allowable rotation which is
taken as the allowable story
drift of the NEHRP provisions®

C, = NEHRP inelastic deflection am-

plification factor

The purpose of this criterion is to im-
pose frame stiffness requirements on an
unbonded post-tensioned precast frame
similar to those imposed on other sys-
tems by the NEHRP provisions.®

Yield Limit State Criteria— The
yield limit is related to the strength
and deformability of the beam-column
connection. The demands from the de-
sign level ground motion are com-
pared to the yield limit to ensure that
the beam-column connection has ade-
quate strength and deformability. The
yield limit criteria are defined in terms
of both moment and rotation. The cri-
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terion for moment is similar to the
flexural strength design criterion for
cast-in-place reinforced concrete.
This criterion requires the beam-col-
umn connection bending moment de-
mand corresponding to the NEHRP®
equivalent lateral forces to be less than
or equal to the factored connection
bending moment capacity:

M, < oM, 3

where ¢ 1is the flexural capacity reduc-
tion factor in accordance with the ACI
318 Code.?

The yield limit criterion for rotation
is used to ensure sufficient elastic de-
formability in the connection. The
yield rotation is used, so that the post-
tensioning steel in the connection can
remain elastic under the design level

ground motion. Avoiding yield of the
post-tensioning steel permits the frame
to survive the design level ground mo-
tion with little or no structural dam-
age. The criterion is:

Yaes-loc edes < ey (4)

where

Yies-loc = local ductility demand factor
for the design level ground
motion, greater than unity

Oues = (My4o5/M,)) 6,1 = R6,; = beam-

column connection rotation
for the design level of earth-
quake loading, estimated
from 6,; using an equal dis-
placement assumption

The product ¥.s.10c04es 1S an esti-
mate of the rotation demand on the
connection under the design level
ground motion. The factor ¥, ac-
counts for uncertainty in the ductility
demand on the beam-column connec-
tion, as discussed later.

Ultimate Limit State Criterion —
The ultimate limit is used to ensure
sufficient inelastic deformability in the
connection. The ultimate limit crite-
rion is established with respect to the
survival level ground motion. This cri-
terion defines the inelastic deformabil-
ity required to prevent failure of the
spiral confined concrete in the beam-
column connections which could lead
to sudden collapse of the frame. The
criterion for rotation is:

Ysur-loc esur < ult (5 )

where

Your-loe = local ductility demand factor
for survival level ground mo-
tion, greater than unity

Osur = M, IM )6, = 2.5R6,, =
beam-column connection ro-
tation for the survival level
of earthquake loading, esti-
mated from 6,; using an
equal displacement assump-
tion, when the intensity of
the survival level ground mo-
tion is taken as 2.5 times the
intensity of the design level
ground motion
The product ¥,,.ioc 65,y 1S an esti-

mate of the rotation demand on the

connection under the survival level

ground motion. The factor %, ;,. ac-

counts for uncertainty in the ductility

demand on the beam-column connec-

tion, as discussed later.



Flexural capacity design criteria are
adopted for the frame members and
connections intended to remain elastic
under all loading conditions.**
Columns (except at their bases) and
beams (except at their ends) should
possess flexural strength in excess of
the bending moments corresponding
to the strength of the relevant beam-
column connections. Similarly, shear
capacity design criteria are adopted to
avoid excessive shear deformations
and stiffness softening due to shear.>*
Shear slip at the beam-column inter-
face should be avoided by providing
appropriate shear friction resistance at
the interface.

DESIGN OF
PROTOTYPE FRAMES

Four prototype frames were de-
signed using the proposed design ap-
proach.>* Only two frames, Frame 1
and Frame 4 are discussed in this
paper. Frame 1 and Frame 4 were de-
signed for high and moderate seismic-
ity zones, respectively. The 1991 edi-
tion of the NEHRP provisions was
used to design the prototype frames,
which were designed before the 1994
edition was published in May 1995.

The frames were designed as special
moment resisting frames with R equal

to 8, C, equal to 5.5, and 6, equal to
1.5 percent. The frames were designed
to satisfy the requirements of both the
north-south frames and the east-west
frames of the prototype building.
Table 2 shows the main parameters
that influence the base shear demand
according to NEHRP.?

Using the proposed design approach
outlined above, connections, beams,
and columns are designed for both
frames. The local ductility demand
factors were set to unity in the design.
Table 3 summarizes the beam and col-
umn cross-sectional dimensions for
the two prototype frames.

PUSH-OVER ANALYSES
OF PROTOTYPE FRAMES

Nonlinear push-over static analyses
of the prototype frames were con-
ducted using a triangular distribution
of lateral forces, similar to the
NEHRP? lateral force distribution. The
analyses included dead load and 25
percent of the design live load as grav-
ity loads. All frames were analyzed as
north-south frames which have less
gravity load than the east-west frames.
These analyses are called low gravity
load (LGL) cases.

Frame 4 was also analyzed as an
east-west frame (as a high gravity load

Table 2. Description of the two prototype frames.

Seismic zone

Soil conditions

Period used in design

(A,=A4,=0.1)

Frame 1 High seismicity Medium soil (S =1.2) T=T,=0.82 seconds
A,=A,=04) (Soil type S5)
Frame 4 Moderate seismicity Medium soil (S =1.2) T=C,T,=1.38 seconds

(Soil type S5)

An Ay, T, C,, S, and soil types are defined in the 1991 edition of NEHRP.*

Table 3. Member dimensions.

Member Frame 1 Frame 4
All columns, in. (mm) 28 x 38 (710 x 970) 22 x 26 (560 x 660)
Sixth floor (roof) beams, in. (mm) 24 x 26 (610 x 660) 16 x 20 (410 x 510)
Fourth and fifth floor beams, in. (mm) 24 x 34 (610 x 860) 16 x 24 (410 x 610)
Second and third floor beams, in. (mm) 24 x 40 (610 x 1020) 18 x 26 (460 x 660)
First floor beams, in. (mm) 24 x 42 (610 x 1070) 18 x 26 (460 x 660)
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(HGL) case). The frames were pushed
to a target roof displacement equal to
40 in. (1020 mm), which corresponds
to 4.1 percent roof drift. The static
analyses used both the fiber model
(FM) and the spring model (SM) for
the frames. These models are similar
to the beam-column subassemblage
models, shown in Fig. 4.

Table 4 summarizes three levels of
estimated roof displacement corre-
sponding to the elastic (reduced), de-
sign, and survival levels of earthquake
loading for the FM of each prototype
frame. Table 4 also shows the calcu-
lated fundamental period of the proto-
type frames and the period used in de-
sign based on the 1991 edition of the
NEHRP provisions.®

Fig. 9 shows the frame base shear
(V) versus roof displacement (A) for
both the FM and the SM of Frame 1.
Fig. 10 shows V versus A for the FM
of Frame 4. The three levels of roof
displacement corresponding to the
elastic (reduced), design, and survival
levels of earthquake loading, given in
Table 4, are shown in Figs. 9 and 10.
Also shown in the figures are the
range of roof displacements at which
yielding of columns at the base initi-
ates, and the range of roof displace-
ments at which yielding of the post-
tensioning steel initiates, from the FM
results.

Comparing the SM to the FM in
Fig. 9, the SM results are in a good
agreement with those of the FM. The
push-over behavior of the frames is
discussed in the following paragraphs,
starting with comparisons of the be-
havior with the proposed design re-
quirements.

Elastic Level Requirements — All
the elastic level requirements are satis-
fied in both frames. Spalling of the
concrete cover, yielding of the steel
reinforcement, and softening of the
beam-column connections do not
occur before the elastic (reduced) level
base shear (V,) is reached. Therefore,
the behavior is essentially linear elas-
tic up to the elastic level base shear. In
addition, the drift limits are satisfied.

Design Level Requirements —
Softening of the base shear-roof dis-
placement behavior was observed, as
expected, between the elastic level and
the design level. The two main sources
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of the softening are: (1) softening of
the beam-column connections after the
linear limit is reached; and (2) yield-
ing of columns at the base of the
frames. Concrete cover spalling takes
place at some of the beam-column
connections and column bases.

The contribution of column base
yielding to the softening of the frame
is expected. The first-story columns
were designed to behave as conven-
tional reinforced concrete columns.
They were designed to yield at the
base at a bending moment close to the
moment demand for the reduced level
of earthquake loading (V,;). In the
frame analytical models, the first-story
columns were modeled using beam-
column elements with the possibility
of yielding at the base and considering
axial force-moment interaction. The
columns were fixed at the base in the
models.

Most of the softening of the frames
observed in Figs. 9 and 10 is due to
the softening of the beam-column con-
nections after the linear limit is
reached. The figures show the range of
roof displacements at which yielding
of columns at the base initiates. The
beam-column connections reach their
linear limit at similar or slightly larger
values of roof displacement.

A significant redistribution of inter-
nal forces (compared to the linear
elastic distribution) occurs due to soft-
ening of the frame. This causes yield-
ing of the post-tensioning steel to
occur over a wide range of roof dis-
placement values. In general, the se-
quence of yielding of the post-tension-
ing steel progresses from the lower
floors to the upper floors.

According to the yield limit state
design criteria, yielding of the post-
tensioning steel should not occur be-
fore the design level roof displacement
(Ages) is reached. This criterion is not
satisfied for Frame 1 (designed for
high seismicity regions), but is satis-
fied for Frame 4 (designed for moder-
ate seismicity regions). As discussed
earlier, local ductility demand factors
(Yies-1oc) are needed to amplify the de-
sign ductility demands on the beam-
column connections, so that under the
design level ground motions the post-
tensioning steel will not yield before
the design level roof displacement
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Table 4. Roof displacements estimated in design and fundamental periods based on
the fiber model.

Base shear (kips)

Parameter Frame 1 Frame 4
Ay, in. (mm) 1 1.62 (41) 13805 |
Agess 0. (mm) - 1_3.0 (330) 11.0(279)
Ag,r, . (Mm) N 32.4 (823) B I 27.6 (701) l
i 1.12 seconds 2.48 seconds [
T used in design 0.82 seconds 1.38 seconds
yielding of colu yielding of the PT steel
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Fig. 9. Base shear vs. roof displacement of Frame 1, using the FM and the SM.
Note: 1 in. = 25.4 mm; 1 kip = 4.45 kN.
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Fig. 10. Base shear vs. roof displacement of Frame 4, using the FM.
Note: 1 in. = 25.4 mm; 1 kip = 4.45 kN.
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(Ags) 1s reached. Local ductility de-
mand factors are discussed below.

Survival Level Requirements —
According to the ultimate limit state
design criterion, up to the survival
level roof displacement, the confined
concrete strain should not exceed the
ultimate strain for the confined con-
crete (€,,) to avoid failure of concrete
due to fracture of the spiral confining
steel in the beam-column connections.
The prototype frames did not experi-
ence this type of failure because the
spirals in the prototype frames were
overdesigned. As discussed earlier,
local ductility demand factors (¥, -0c)
are needed to amplify the beam-col-
umn design ductility demands for the
survival level ground motions.

Local Ductility Demand Factors
— The static analysis results** show
that the required values of 7, and

Your-1oc decrease as the contribution of
gravity load to the beam-column con-
nection design moment demand in-
creases. The gravity load contribution
to the design moment leads to an
overdesign of the moment capacity of
the beam-column connection that re-
duces the ductility demand. The grav-
ity load contribution can be estimated
as the ratio between the bending mo-
ment demand due to gravity loads and
the total elastic bending moment de-
mand including both gravity and lat-
eral loads at the connection under con-
sideration. Therefore, ¥;.5.5,. and
Ysur-loc are larger for frames designed
for high seismicity regions as com-
pared to frames designed for moderate
seismicity regions. Fig. 11 provides
local ductility demand factors calcu-
lated from the static analysis results®*
for Frames 1, 2, 3, and 4.

1.8 1 B Frame 1

-
(=2}

Local duct. demand factor (des. level)
(3]

0.6 T u T

Frame 3

0.8 - Frame 4 (LGL)~— v

Frame 4 (HGL)

0 0.1 0.2 0.3

2.5

M (gravity load) / M (total elastic)

T T T

0.4 0.5 0.6 0.7

Frame 2
V&

Local duct. demand factor (sur. level)

Frame 3
Frame 4 (LGL)

Frame 4 (HGL)

0 u T "
0 0.1 0.2 0.3

M (gravity load) / M (total elastic)

T T

0.4 0.5 0.6 0.7

Fig. 11. Local ductility demand factors for design and survival ground motions.
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Beam Elongation — One of the is-
sues to be considered in the design of
an unbonded post-tensioned precast
concrete frame is the apparent elonga-
tion of the beams due to gap opening
in the beam-column connections. As
the lateral drift of the frame increases,
the gap opening length and width in-
crease at the beam-column interface
and, accordingly, the centroidal axis of
the beam measured from column face
to column face elongates. The FM was
used to study the beam elongation, and
for the prototype frames the elonga-
tion was found to range between 1.5 to
2.5 percent of the beam height (k), for
each beam span (L), as the roof drift
reached 4.0 percent.

Two factors affect the elongation of
the beams: foundation restraint on the
columns; and relative beam elonga-
tions between adjacent floors. The ef-
fect of the foundation restraint is
dominant for the lower floor beams.
The effect of relative beam elonga-
tions between adjacent floors is not
easily predicted.

The restraint of the beam elonga-
tion in the frame introduces a set of
self-equilibrating forces in the frame,
including forces at the foundation
level. The beam-column connections
and beams are subjected to additional
axial forces, while the columns are
subjected to secondary shear forces
and bending moments. The axial
forces in the beams are usually maxi-
mum at the first floor. The secondary
shears and moments in the columns
are proportional to their distance
from the column at the center of the
frame.

The effect of these axial forces in
the beams is as follows: (1) the axial
compression forces increase the
bending moment capacity, increase
the yield rotation, and decrease the
ultimate rotation of the beam-col-
umn connections; and (2) the axial
tension forces decrease the bending
moment capacity, decrease the yield
rotation, and increase ultimate rota-
tion of the beam-column connec-
tions. The beam elongation effects
should be considered in design. For
example, the increase in the beam-
column connection bending moment
capacity was observed to be as large
as 25 percent.
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TIME-HISTORY
DYNAMIC ANALYSES
OF FRAME 1

The results of nonlinear time-history
dynamic analyses of prototype Frame
1 are described in this section. The
frame is analyzed for design and sur-
vival level earthquake ground mo-
tions. Natural recorded and artificially
generated ground motions for different
soil conditions (stiff/rock, medium,
and soft soil) were used in the dy-
namic analyses. Table 5 summarizes
the main characteristics of these
ground motions, scaled to a peak
ground acceleration (PGA) of 1.0g.
Damping of the prototype frames is
modeled as mass and stiffness propor-
tional viscous damping, with a speci-
fied damping ratio of 3.0 percent for
the first and third modes, and resulting

damping ratios of 2.2 percent for the
second mode, and 4.3 percent for the
fourth mode.

Roof Displacement — The roof lat-
eral displacement is representative of
the overall frame displacement re-
sponse. Fig. 12 shows time-histories
of the lateral displacement of the roof
and the second and fourth floor levels
of Frame 1 during the NEW ground
motion scaled to a peak ground accel-
eration of 0.4g to represent a design
level ground motion. The dashed hori-
zontal lines shown in Fig. 12 indicate
the roof displacement for the design
level ground motion estimated in de-
sign (Table 4). Fig. 12 shows that the
roof displacement obtained from the
dynamic analysis does not exceed the
roof displacement estimated in design.
Fig. 12 also shows that, at the time of
the displacement peaks, the second

Table 5. Properties of selected ground motions scaled to 1.0g.

and fourth floor displacements are
generally in phase with the roof dis-
placements.

Maximum Roof Displacement —
The maximum roof displacement val-
ues obtained from the dynamic analy-
ses of Frame 1 are tabulated in Table
6, where the corresponding roof drift
values (the roof displacement divided
by the total frame height) are also
given. Fig. 13 compares the roof dis-
placements obtained from the dynamic
analyses (shown as discrete points),
and the estimated roof displacements
based on an equal displacement as-
sumption (shown as an inclined solid
line). The roof displacements are
shown as a function of peak ground
acceleration (PGA). Three symbols
represent the dynamic analysis results
for the three soil conditions (stiff/rock,
medium, and soft soil).

Site soil Earthquake Earthquake/station name Peak ground Peak ground
condition (year) acceleration velocity
No. Record (g (in./second)
El Centro/El Centro
1 ELC (1940) 1.00 43.6
Loma Prieta/Presidio
ek o 2 PRE (1989) 1.00 66.3
stiff 3 GST Power spectrum based 1.00 7738
generated ground motion " ’
SEAOC spectrum compatible :
& i generated ground motion 49 o4
San Fernando/Orion
5 ORI (1971) 1.00 459
Loma Prieta/Hollister
6 HOL (1989) 1.00 67.4
Landers/Yermo
7 YER (1992) 1.00 825
Medium Northridge/Newhall
8 NEW (1994) 1.00 64.0
Northridge/Sylmar
9 SYL (1994) 1.00 60.4
Power spectrum based
1 oh% generated ground motion i ik
1 MED SEAOC spectrum compatible 1.00 107
generated ground motion %
Loma Prieta/Foster City
12 FOS (1989) 1.00 62.8
Loma Prieta/Treasure Island
Soft 13 TRE (1989) 1.00 823
Power spectrum based
s S generated ground motion i ]
SEAOC spectrum compatible
k> i generated ground motion 150 804

Note: 1 in. = 25.4 mm.
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As shown in Fig. 13, all of the roof
displacements from the dynamic analy-
ses for cases with stiff/rock soil condi-
tions are conservatively estimated using
the equal displacement assumption. For
cases with medium soil conditions, the
average of the roof displacements from
the dynamic analyses are conservatively
estimated. All of the roof displacements
from dynamic analysis for cases with
soft soil conditions exceed the estimated
roof displacements.

Implications for Design — Fig. 13
shows that the maximum roof dis-
placement values obtained from the

dynamic analyses often exceed the es-
timated roof displacements, especially
for design level ground motions on
soft soil conditions and survival level
ground motions on medium or soft
soil conditions. When the estimated
roof displacements are exceeded, the
ductility demands on beam-column
connections are larger than expected,
and adequate ductility capacity may
not be available. Moreover, the maxi-
mum roof displacements during sur-
vival level ground motions on medium
and soft soil conditions are unaccept-
ably large.

15 T T T T T T T T T
~ C10uE Roof Displ. — i
<] 4th Displ. -
»
g
% 0
3]
o
1 =
n
o
8 10k -

estimated roof displacement
0 3 6 9 12 15 18 21 24 27 30
Time (sec.)

Fig. 12. Displacement time-histories of Frame 1 during NEW ground motion scaled
to a peak ground acceleration of 0.4g. Note: 1 in. = 25.4 mm.

80
= x
£
= 60 L estimated roof displacement =
g 2 o
=}
g " soft
.
3 40 x o
ug o medium
: : : .
tiff/
g o g : stiff/rock
i -
=
0 ; ; : . :
0 0.2 0.4 0.6 0.8 1 12
PGA (g)

Fig. 13. Maximum roof displacement of Frame 1 vs. peak ground acceleration (PGA)
of the ground motion. Note: 1 in. = 25.4 mm.
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It should be kept in mind that the es-
timated roof displacements are based
on elastic analysis under NEHRP?
equivalent lateral forces for medium
soil and 5 percent damping. The esti-
mated displacements are based on the
approximate period given by the 1991
edition of the NEHRP provisions®
which is smaller than the actual period
of Frame 1, as indicated in Table 4.
An improved design approach would
estimate the roof displacement de-
mands using a NEHRP design spectra
for the proper damping ratio, actual
soil condition, and actual period of the
frame.

Displacement amplification factors,
similar to load factors, can be devel-
oped on a probabilistic basis to scale
up the estimated roof displacements to
account for the observed scatter in the
displacements from dynamic analyses.
These displacement amplification fac-
tors should depend on the seismic
zone and the soil conditions of the
building site. Suggested values of the
displacement amplification factors are
given in reports by El-Sheikh et al.>*

Using these displacement amplifica-
tion factors, Frame 1 could be re-
designed to: (1) decrease the maxi-
mum roof displacement (e.g., by
increasing the stiffness) during the
survival level ground motions on
medium and soft soil conditions to an
acceptable level (e.g., 3.0 percent roof
drift to prevent failure of the gravity
load resisting system and maintain
structural integrity); and (2) provide
sufficient ductility capacities to the
beam-column connections to satisfy
the ductility demands.

Base Shear — Fig. 14 shows the
base shear of Frame 1 during the
NEW ground motion scaled to a peak
ground acceleration of 1.0g. The
dashed horizontal lines indicate the
static base shear capacity of the frame
obtained from push-over analysis
under the inertia force distribution
specified in the NEHRP?® equivalent
lateral forces procedure. The peak val-
ues of base shear reached during the
dynamic analysis are significantly
larger than the static base shear capac-
ity, primarily because of the contribu-
tion of higher modes.

Effect of Inelastic Energy Dissi-
pation and Self-Centering — The
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Fig. 14. Base shear time-history of Frame 1 during NEW ground motion scaled to a
peak ground acceleration of 1.0g. Note: 1 kip = 4.45 kN.

effect of the inelastic energy dissipa-
tion and self-centering provided by
unbonded post-tensioned precast con-
crete frames were investigated. The
SM was used because the beam-col-
umn connection hysteresis behavior

can be directly controlled by specify-
ing different residual deformation fac-
tors (o,).>* Increases in o, increase
the energy dissipated by the beam-
column connections and decrease the
self-centering. Frame 1 was investi-

Table 6. Maximum seismic response parameters of Frame 1.

gated using TRE ground motion
scaled to a peak ground acceleration
of 0.4g. Two a, values (0.03 and
0.90) were considered.

The SM with the small ¢, tends to
have low energy dissipation (LED)
and represents an unbonded post-ten-
sioned precast concrete frame. The
SM with the large «, tends to have
high energy dissipation (HED) and
represents a conventional cast-in-place
reinforced concrete frame. Fig. 15(a)
shows the moment-rotation behavior
of one of the first floor beam-column
connections of Frame 1 modeled with
the FM and the SM with low energy
dissipation (LED). Fig. 15(b) shows
the moment-rotation behavior of the
same connection modeled with the SM
with high energy dissipation (HED).

Fig. 15(a) shows a relatively good
comparison between the FM and the
SM with low energy dissipation, how-
ever, the increase in bending moment
capacity of the beam-column connec-
tion due to the axial compression
force in the first floor beams is cap-
tured only by the FM. The hysteresis

Peak ground Soil type Ground motion Maximum roof Maximum roof Maximum story Maximum base
acceleration displacement (in.) drift (percent) drift (percent) shear (kips)
ELC 533 0.55 0.72 1378
Stiff/Rock PRE 10.74 1.11 =51 1795
STF 4.74 0.49 0.87 1595
GST 6.92 0.71 1.30 1686
SYL 10.68 1.10 1.67 2043
HOL 9.73 1.00 1.76 1850
0.4g design level Medium YER 13.90 1.43 1595 1760
ORI 10.35 1.07 1.83 1846
NEW 9.01 0.93 1.80 2024
MED 9.84 1.01 1.68 1757
GME 753 0.78 1.30 1730
TRE 24.74 255 3.46 2000
Soft FOS 16.55 1.70 2.47 1923
SOF 19.98 2.06 3.31 2190
GSO 14.11 1.45 2.19 2165
ELC 22.14 2.28 2.80 2230
Stiff/Rock PRE 18.90 1.94 3.58 2641
STF 25.41 2.61 3.87 2157
GST 22.60 233 3.41 2305
SYL 2771 2.85 3175 2535
HOL 52.26 5.38 6.42 2727
1.0g survival level Medium YER 18.59 1.91 2.97 2433
ORI 30.75 3.16 441 2388
NEW 29.04 2.99 4.11 2957
MED 36.72 3.78 5.69 2797
GME 47.67 4.90 5.84 2716
TRE 56.19 5.78 6.14 3000
Soft FOS 48.56 5.00 5.65 2716
SOF 59.37 6.11 732 3122
GSO 70.12 721 7.96 3063
Note: 1 in. = 25.4 mm; | kip = 4.45 kN.
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Fig. 15. Moment-rotation of exterior beam at first floor of Frame 1 during TRE ground
motion scaled to a peak ground acceleration of 0.4g: (a) using the FM and the SM
with low energy dissipation; (b) using the SM with high energy dissipation.

Note: 1 in. = 25.4 mm; 1 kip = 4.45 kN.
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Fig. 16. Roof displacement time-histories of Frame 1 during TRE ground motion
scaled to a peak ground acceleration of 0.4g, using the SM with low energy
dissipation (LED) and high energy dissipation (HED). Note: 1 in. = 25.4 mm.
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loops of the SM with high energy dis-
sipation are similar to those of a stiff-
ness-degrading model of cast-in-place
reinforced concrete beam-column
connections.

Comparing the hysteresis loops of
the low energy dissipation and high
energy dissipation cases in Fig. 15, the
following observations are made: (1)
the energy dissipation per loop for the
high energy dissipation case is more
than twice that of the low energy dissi-
pation case; (2) the maximum rotation
demand of the high energy dissipation
case is less than that of the low energy
dissipation case; and (3) the final hys-
teresis loops of the high energy dissi-
pation case oscillate around a residual
rotation, while all loops of the low en-
ergy dissipation case oscillate around
Zero rotation.

Fig. 16 shows roof displacement
time-histories for the SM of Frame 1
with low energy dissipation and high
energy dissipation during the 0.4g TRE
ground motion. The maximum roof dis-
placement for the high energy dissipa-
tion case is smaller than that of the low
energy dissipation case by about 19
percent. The amplitude of the displace-
ment cycles following the maximum
displacement decays more rapidly for
the high energy dissipation case. The
low energy dissipation case has several
successive large displacement cycles.
On the other hand, the low energy dis-
sipation case has self-centering (i.e., the
roof displacement oscillates around
zero displacement), which results in a
small residual displacement.

TIME-HISTORY
DYNAMIC ANALYSES
OF FRAME 4

The dynamic analyses of Frame 4
show the frame performs well and sat-
isfies the design criteria. The maximum
roof displacements are significantly
less than the roof displacement esti-
mated in design. Two factors should be
noted: (1) the large difference between
the maximum period allowed in the
NEHRP? design procedure (C,T, =
1.38 seconds) and the actual period of
the frame (7 = 2.48 seconds), and (2)
the large contribution of the gravity
load moment to the moment used to
design the beam-column connections.
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Table 7. Maximum seismic response parameters of Frame 4 during the TRE ground motion.

Peak ground Maximum roof Maximum roof Maximum story Maximum base
acceleration displacement (in.) drift (percent) drift (percent) shear (kips)
0.1g design level 8.86 0.91 1.24 481
0.25g design level 14.6 1.51 1.97 623
Note: 1 in. =25.4 mm; 1 kip = 4.45 kN.

tion can be represented by a trilinear
15 : T ' T T idealization developed using approxi-
; mate formulas for three limit states in

Tl RoofDlspl-——- ............ the behavior.
- i4th Displ. <--- : 2. Unbonded post-tensioned precast
£ S o 2nd.Displ. frames can be designed using the de-
fé : £ sign approach described in this paper.
E 0 - - However, the design criteria should
H i not be based on the displacements es-
& 5 timated using an equal displacement
= assumption for frames on medium or
10 soft soil conditions in regions of high
i - seismicity. Displacement amplifica-
15 | ] i | tion factors similar to those given in
0 5 10 15 20 25 reports by El-Sheikh et al.># should be

Time (sec.)

Fig. 17. Displacement time-histories of Frame 4 during TRE ground motion scaled to
a peak ground acceleration of 0.25g. Note: 1 in. = 25.4 mm.

Both factors result in a significant
overstrength of the base shear of the
frame above the base shear used in de-
sign (V,)), as shown in Fig. 10. Conse-
quently, the ductility demands are sig-
nificantly less than those of Frame 1.
Table 7 summarizes the dynamic re-
sponse of Frame 4 during the TRE
ground motion scaled to a peak
ground acceleration of 0.1g and 0.25g
to represent the design and the sur-
vival level ground motions, respec-
tively. Fig. 17 shows time-histories of

the lateral displacement of the roof
and the second and fourth floor levels
of Frame 4 during the TRE ground
motion scaled to a peak ground accel-
eration of 0.25g. The maximum roof
drift reaches only 1.5 percent.

CONCLUSIONS

Based on the research findings pre-
sented in this paper, the following
conclusions are drawn:

1. For design, the moment-rotation
behavior of a beam-column connec-
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used under these conditions.

3. Local ductility demand factors (y-
factors) are needed to amplify the
local ductility demands for the beam-
column connections. The local ductil-
ity demand factors are larger for
frames designed for high seismicity
regions than for frames designed for
moderate seismicity regions.

4. Compared to similar cast-in-place
reinforced concrete frames, the maxi-
mum displacement of unbonded post-
tensioned precast frames under seis-
mic loading is expected to be larger,
due to the small energy dissipation,
while the accumulated residual dis-
placement is expected to be much
smaller.
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APPENDIX — NOTATION

a = compression stress block depth
a” = compression stress block depth, measured from
inside spirals, when spiral confined concrete fails
A, = total cross-sectional area of post-tensioning steel
b = beam cross-sectional width
b” = beam cross-sectional width, measured from inside
spirals
¢” = neutral axis depth, measured from inside spirals,
when spiral confined concrete fails
C, = period modification factor defined in NEHRP
C, = inelastic deflection amplification factor defined in
NEHRP
G =fp1/fpu
E. = concrete Young’s modulus of elasticity
E, = post-tensioning steel Young’s modulus of elasticity
/., = maximum compressive strength of unconfined
concrete
[+ = maximum compressive strength of confined
concrete
f.; = concrete initial stress
Jfpi = post-tensioning steel initial stress
Jp1 = post-tensioning steel stress at its limit of
proportionality (post-tensioning steel yield stress)
fpu = post-tensioning steel ultimate strength
h = total height of beam
h” = confined beam height, measured from inside
spirals
L, = beam span between inflection points
L. = beam clear length between column faces
L., = failure (crushing) length of spiral confined
concrete, adjacent to beam-column interface
L, = total unbonded length of post-tensioning steel for
exterior beam-column connections or half the
unbonded length of post-tensioning steel for
interior beam-column connections
M .. = beam decompression moment (at decompression
limit state)
M ,; = beam-column connection moment for design level
of earthquake loading
M,; = beam-column connection moment demand for
reduced level of earthquake loading
M), = beam linear limit moment (at linear limit state)
Mg, = beam-column connection moment for survival
level of earthquake loading
M,;, = beam ultimate moment (at ultimate limit state)

May-June 1999

M, = beam yield moment (at yield limit state)
R = response modification factor defined in NEHRP
T = building fundamental period
T, = approximate period defined in NEHRP
V4es = design base shear
V,, = elastic base shear corresponding to reduced level
of earthquake loading
V,; = base shear at effective linear limit state
Vg = survival base shear
V.. = base shear at ultimate limit state
V, = base shear at yield limit state
a = equivalent stress block coefficient for confined
concrete equal to ratio of stress of stress block to
maximum compressive strength of concrete
a, = residual deformation factor
3 = equivalent stress block coefficient for confined
concrete equal to ratio of stress block depth to
neutral axis depth
Yaes-loc = local ductility demand factor for design level
ground motion
Your-1oc = local ductility demand factor for survival level
ground motion
A, = roof displacement for design level of earthquake
loading
A, = roof displacement corresponding to elastic
(reduced) level of earthquake loading
Ay =roof displacement at effective linear limit state
Ay, = roof displacement for survival level of earthquake
loading
A, = roof displacement at ultimate limit state
A, =roof displacement at yield limit state
€., = ultimate compression strain of spiral confined
concrete
6, = allowable rotation which is taken as inelastic story
drift of NEHRP provisions
6,4, = beam-column connection rotation for design level
of earthquake loading
6,, = beam-column connection rotation demand for
reduced level of earthquake loading
0y = beam linear limit rotation (at linear limit state)
6,,, = beam-column connection rotation for survival level
of earthquake loading
6,;; = beam ultimate rotation (at ultimate limit state)
6, = beam yield rotation (at yield limit state)
¢ = capacity reduction factor

7
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Unbonded post-tensioned precast concrete walls
are constructed by post-tensioning precast wall
panels across horizontal joints using post-
tensioning steel which is not bonded to the
concrete. This paper describes an analytical
investigation of the seismic behavior and design of
these walls. Unbonded post-tensioned precast
walls with strength and initial stiffness similar to
monolithic cast-in-place concrete walls can be
designed to soften and undergo large nonlinear
lateral drift with little damage. The nonlinear
behavior is primarily due to the opening of gaps
along the horizontal joints. A performance-based
seismic design approach is proposed in which the
walls are required to resist design level ground
motions with little damage and severe survival
level ground motions with damage but without
failure. Shear slip along the horizontal joints is
prevented by design. Nonlinear dynamic analyses
show that, compared to cast-in-place walls,
unbonded post-tensioned precast walls undergo
larger drift, but accumulate significantly smaller
residual drift during an earthquake.

load resisting systems in seismic regions is con-

strained by current building codes in the United
States, which require that these walls emulate the behavior
of monolithic cast-in-place reinforced concrete walls. How-
ever, field studies after previous earthquakes and experi-
mental evidence!? have revealed that significant damage
occurs in precast walls which emulate cast-in-place walls.
Moreover, precast walls which emulate cast-in-place walls
do not have all of the economic advantages of precast con-

The use of precast concrete walls as primary lateral
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crete construction due to the use of
steel and/or cast-in-place concrete
components in their joints. This paper
summarizes recent research at Lehigh
University on the use of unbonded
post-tensioned precast walls as a pri-
mary lateral load resisting system in
high and moderate seismic regions.

Unbonded post-tensioned precast
walls are constructed by post-tension-
ing precast wall panels across horizon-
tal joints at the floor levels using post-
tensioning steel which is not bonded
to the concrete (Fig. 1). Dry-pack or
grout may be used between the panels
for alignment and for construction tol-
erances. These walls do not emulate
the behavior of cast-in-place concrete
walls. The lateral load resistance is
provided by high-strength post-ten-
sioning steel bars or multi-strand ten-
dons, located inside ducts which are
not grouted. Spiral reinforcing steel is
used to confine the concrete in the
wall panels near the base of the wall.
Wire mesh is used as bonded rein-
forcement in the panels.

The research summarized in this
paper is part of the PREcast Seismic
Structural Systems (PRESSS) research
program.* The research, presented in
more detail by Kurama et al.,>® has the
ultimate goal of developing seismic
building code specifications for pre-
cast walls comparable to specifica-
tions available for cast-in-place walls.

This paper shows that unbonded
post-tensioned precast walls offer
many significant advantages as pri-
mary lateral load resisting systems
without emulating cast-in-place con-
crete walls, and proposes a perfor-
mance-based seismic design approach
for the walls. The proposed design
approach can be easily incorporated
into current seismic building code
specifications.

BEHAVIOR UNDER
LATERAL LOAD

The behavior of an unbonded post-
tensioned precast wall under lateral
load is governed by the behavior along
the horizontal joints. Fig. 2 shows the
two types of behavior that can occur
along the joints, namely, gap opening
and shear slip. In the case of gap open-
ing, the post-tensioning force and the
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Fig. 1. Unbonded post-tensioned precast wall: (a) elevation; (b) cross section near

base (enlarged).

axial force due to gravity load provide
a restoring force that tends to close the
gaps upon unloading.

In the case of shear slip, however,
there is no restoring force to reverse
the slip. Thus, it is difficult to control
the magnitude of the shear slip dis-
placements which may occur during
an earthquake. Shear slip should be

prevented by proper design and detail-
ing of the wall.

An analytical model based on fiber
beam-column elements was developed
to investigate the behavior of walls
which are designed to have a gap
opening along the joints but not shear
slip.’ A significant advantage of using
fiber elements is that a reasonably ac-

(a)

(b)

Fig. 2. Behavior of wall along horizontal joints: (a) gap opening; (b) shear slip.

73



curate model can be developed using
only uniaxial stress-strain models for
concrete and post-tensioning steel, and
the dimensions of the wall. The fiber
wall model accounts for axial-flexural
interaction, hysteretic behavior of the
post-tensioning steel and concrete in-
cluding crushing of concrete, and gap
opening along the joints.

Comparisons of analysis results ob-
tained using the fiber wall model with
results obtained using finite element
models which use contact elements to
model the gap opening indicate that
the fiber wall model is capable of pre-
dicting both the global (e.g., base-
shear-roof-drift) behavior and the

local (e.g., gap opening) behavior of
the walls reasonably well.”

The fiber wall model was used to
conduct nonlinear static lateral load
analyses and nonlinear dynamic time-
history analyses of prototype walls.
The typical behavior of the walls ob-
tained from static analyses is dis-
cussed below. Dynamic analyses of
the walls are described later.

States of Behavior
Under Lateral Load

The behavior of an unbonded post-
tensioned precast wall under com-
bined lateral and gravity loads is ex-

base shear V

yielding
state

(Vllp’ A‘Ilp)

softening
state

(vell’ AEII)

decompression
state

(Vaecs Adec)

failure \
state

(Vcsc! Aesc) :

roof drift A

base shear V

yielding
state

(@)

PT steel
fracture

\

failure
state

bonded post-tensioned wall
unbonded post-tensioned wall

roof drift A

(b)

Fig. 3. Base-shear-roof-drift relationship: (a) unbonded post-tensioned precast wall;
(b) effect of unbonding of the post-tensioning steel.
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plored using the base-shear-roof-drift
relationship shown in Fig. 3(a). The
base-shear-roof-drift relationship of a
properly designed wall is governed
by axial-flexural behavior (i.e., be-
havior under combined axial force
and flexure). Shear slip behavior
should not occur. The base shear, V,
is equal to the sum of the lateral loads
applied at the floor and roof levels,
and the roof drift, A, is equal to the
roof lateral displacement divided by
the wall height. As the wall displaces,
it goes through four states which are
described below.

Decompression state — This state
(indicated by a W marker at a base
shear and roof drift of V. and A,
respectively) identifies the initiation of
a gap opening along the horizontal
joint between the wall and foundation.
Gap opening initiates when the initial
compression in the concrete due to the
post-tensioning force and gravity load
is overcome at the extreme edge at the
base of the wall.

The decompression state is the be-
ginning of nonlinear behavior of the
wall due to gap opening. However, the
effect of this nonlinear behavior on the
lateral stiffness of the wall is small
until the gap opening extends over a
significant portion of the length of the
horizontal joint.

Softening state — This state (indi-
cated by a @ marker) identifies the be-
ginning of a significant reduction in
the lateral stiffness of the wall due to
gap opening along the horizontal
joints and nonlinear behavior of the
concrete in compression. As shown in
Fig. 3(a), the reduction in the lateral
stiffness of the wall occurs in a
smooth and continuous manner.
Therefore, an effective linear limit
(denoted by V,; and A,;) is used to
identify the softening state.’

The effective linear limit may be
governed by gap opening or by non-
linear behavior of the concrete de-
pending on the stress in the concrete
due to the post-tensioning force and
the gravity load. If the stress in the
concrete is small, the effective lin-
ear limit is governed by gap open-
ing. If the stress in the concrete is
large, the effective linear limit is
governed by nonlinear behavior of
the concrete.
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Yielding state — This state (indi-
cated by a X marker) identifies the
point at which the strain in the post-
tensioning steel first reaches the limit
of proportionality. A properly de-
signed wall does not reach the yield-
ing state (denoted by Vy, and 4,
until a large nonlinear drift has oc-
curred. The nonlinearity results pri-
marily from gap opening along the
horizontal joints and nonlinear behav-
ior of the concrete in compression. Up
to the yielding state, noticeable dam-
age to the concrete other than spalling
of the cover concrete over a small re-
gion near the base of the wall is small
because the spiral reinforcement pro-
vides heavy confinement.

Failure state — This state (indi-
cated by a ¥ marker) identifies
axial-flexural failure of the wall
which occurs as a result of crushing
of the spiral confined concrete (at
Ve and Ag.). Crushing of the spiral
confined concrete occurs when the
spiral reinforcement fractures. Suffi-
cient spiral reinforcement is pro-
vided in the wall panels such that the
failure state is reached at a drift sig-
nificantly larger than the drift at the
yielding state.

Effect of Unbonded
Post-Tensioning

Fig. 3(b) compares the base-shear-
roof-drift behavior of an unbonded
post-tensioned wall and a bonded
post-tensioned wall. Unbonded post-
tensioned construction has the follow-
ing advantages: (1) yielding of the
post-tensioning steel is delayed be-
cause the strain in the post-tensioning
steel is uniform over the unbonded
length; (2) the post-tensioning steel
does not transfer significant tensile
stresses into the concrete, thus, dam-
age in the wall panels due to cracking
is reduced; (3) gap opening along the
horizontal joints, primarily at the base
of the wall, results in a decrease in the
lateral stiffness of the wall (i.e., pro-
vides nonlinear behavior) and, thus,
period elongation, with little damage
to the wall; and (4) fracture of the
post-tensioning steel is less likely, and
thus, less critical. The effect of un-
bonded post-tensioning on the behav-
ior of the wall under cyclic lateral load
is described below.
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Fig. 4. Hysteretic behavior under lateral load: (a) entire behavior; (b) loading cycle
just reaching the yielding state; (c) loading cycle beyond the yielding state.

Behavior Under
Cyclic Lateral Load

Fig. 4 shows the base-shear-roof-
drift behavior of the wall shown in
Fig. 3(a) under cyclic lateral load
combined with constant gravity load.
The softening, yielding, and failure
states under monotonic lateral load are

indicated in Fig. 4(a) using the @, X,
and ¥ markers, respectively. Fig. 4(b)
shows the behavior of the wall during
a loading cycle to approximately 1
percent roof drift, just reaching the
yielding state. Fig. 4(c) shows the be-
havior of the wall during a subsequent
loading cycle to approximately 2 per-
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cent roof drift, after the yielding state
is exceeded but before the failure state
is reached.

The hysteresis loops in Fig. 4 show
that the behavior of the wall is nearly
nonlinear-elastic, characterized by
loading and unloading curves that are
very close to each other. The behavior
is close to nonlinear-elastic because
the nonlinear drift occurs with little
damage to the wall as discussed ear-
lier. The nonlinear-elastic behavior re-
sults in a self-centering capability
which means that upon unloading
from a large nonlinear drift, the wall
returns back towards its original posi-
tion with little residual drift.

In Figs. 4(b) and 4(c), the softening
states during the two hysteresis loops
are shown using the ® marker. Before
the yielding state is exceeded, V,; (i.e.,
the base shear at the softening state)
under cyclic lateral load [Fig. 4(b)] is
equal to V,; under monotonic lateral
load [Fig. 4(a)]. After the yielding
state is exceeded, V,; under cyclic lat-
eral load [Fig. 4(c)] is significantly
smaller than V,; under monotonic lat-
eral load.

The reduction in V,; occurs because
inelastic straining of the post-tension-
ing steel (which occurs after the yield-
ing state is exceeded during the previ-
ous cycles) results in a reduction in
prestress. Thus, the wall softens earlier
due to gap opening along the horizon-
tal joints. Because the steel is un-

bonded, the inelastic strains are small
even after large roof drift cycles.
Thus, the reduction in prestress is
small and the self-centering capability
of the wall is preserved.

Unbonded post-tensioning has the
following advantages under cyclic lat-
eral load: (1) the nonlinear-elastic be-
havior results in a self-centering capa-
bility; (2) the decrease in the initial
stiffness of the wall is small; and (3)
the inelastic straining of the post-ten-
sioning steel can be limited, and thus
the reduction in prestress which results
from loading cycles beyond the yield-
ing state can be controlled. As a disad-
vantage, the nonlinear elastic behavior
of the wall produces very little inelas-
tic energy dissipation.

PROPOSED SEISMIC
DESIGN APPROACH

This section describes a proposed
seismic design approach for buildings
which use unbonded post-tensioned
precast walls as the primary lateral
load resisting system. The plan view
of a typical six-story office building in
a region with high seismicity is shown
in Fig. 5. The lateral load resistance of
the building is provided by unbonded
post-tensioned precast walls in the
north-south direction and lateral load
resisting frames in the east-west direc-
tion. The gravity load resistance is
provided by the gravity load resisting
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Fig. 5. Typical prototype structure.
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frames, the walls, and the lateral load
resisting frames. The focus in this
paper is on the seismic behavior and
design of the walls. Seismic behavior
and design of unbonded post-ten-
sioned precast frames is discussed by
El-Sheikh et al.®

The proposed seismic design ap-
proach is a performance-based design
approach which allows the designer to
specify and predict, with reasonable
accuracy, the performance (degree of
damage) of a building for a specified
level of ground motion intensity. This
requires the identification of: (1) seis-
mic performance levels to describe the
expected level of damage in the build-
ing during a ground motion; (2) build-
ing limit states and capacities to de-
scribe and quantify the damage in
various structural and non-structural
elements of the building; (3) seismic
input levels to describe selected levels
of ground motion intensity for a given
site; and (4) structure demands to
quantify roof drift, story drift (i.e., lat-
eral displacement between adjacent
floors divided by story height), and
base shear demands for the structure.

The design approach uses three seis-
mic performance levels: (1) the “im-
mediate occupancy” performance
level, which describes a post-earth-
quake damage state in which only lim-
ited structural and non-structural dam-
age has occurred; (2) the “life safety”
performance level, which describes a
post-earthquake damage state in which
significant damage to the building
may have occurred but some margin
against either total or partial structural
collapse remains; and (3) the “collapse
prevention” performance level, which
describes a post-earthquake damage
state in which the building is on the
verge of partial or total collapse.

The building limit states and capaci-
ties include limit states and capacities
for the unbonded post-tensioned pre-
cast walls, the lateral load resisting
frames, the gravity load resisting sys-
tem, and the non-structural elements.
The limit states for the walls are: (1)
decompression at the base; (2) de-
crease in the lateral stiffness; (3)
spalling of cover concrete near the
base; (4) yielding of the post-tension-
ing steel; (5) attainment of the base
moment capacity; (6) reduction in the
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prestress due to inelastic straining of
the post-tensioning steel; (7) crushing
of the concrete confined by spirals; (8)
reduction in the lateral load resistance;
(9) reduction in the gravity load resis-
tance; (10) shear slip along the hori-
zontal joints; and (11) crushing of the
concrete outside the spiral confined re-
gion, but inside the region reinforced
with wire mesh. Limit States 1, 2, 4,
and 7 correspond to the decompres-
sion, softening, yielding, and failure
states which were described earlier.

The wall design capacities which
correspond to these limit states are de-
termined from nonlinear static push-
over analyses under combined lateral
and gravity loads. The distribution of
the lateral loads over the height of the
walls is determined from the equiva-
lent lateral force procedure in
NEHRP.? The gravity loads (i.e., dead
and live loads) are determined from
the load combinations in NEHRP.

The design approach considers two
seismic input levels for a given site:
(1) a design level ground motion; and
(2) a survival level ground motion
(i.e., a maximum intensity ground mo-
tion). The design level and survival
level ground motions are defined later.
The structure demands are specified in
terms of demands for the walls corre-
sponding to these levels of ground
motion. For the design level ground
motion, the wall demands are: (1) the
design base shear demand, V,, (used
in design to control the axial-flexural
behavior); (2) the maximum roof drift
demand, A,,; and (3) the maximum
story drift demand, §,,,. For the sur-
vival level ground motion, the wall de-
mands are: (1) the maximum roof drift
demand, A,,,; and (2) the maximum
base shear demand, V,,,, (used in de-
sign to prevent shear slip behavior).

Design Objectives

Design objectives relate the seismic
performance levels to the seismic
input levels described above as
shown in Fig. 6(a). The proposed de-
sign approach has two objectives: (1)
to achieve the immediate occupancy
performance level under the design
level ground motion; and (2) to
achieve the collapse prevention per-
formance level under the survival
level ground motion.
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Fig. 6. Proposed seismic design approach: (a) design objectives; (b) design criteria.

The immediate occupancy perfor-
mance level for the walls is as follows:
(1) the wall behavior is nearly elastic,
but nonlinear, with the nonlinear be-
havior being largely due to gap open-
ing along the joints with a small con-
tribution from nonlinear behavior of
the concrete in compression; (2) the
post-tensioning steel remains linear-
elastic; (3) the wall panels remain
nearly linear-elastic with little or no
cracking, and with nonlinear behavior
of concrete in compression occurring
only near the bottom corners of the
base panel; (4) the initial lateral load
stiffness and the lateral load strength
of the wall are not reduced; (5) the

gravity load strength of the wall is not
reduced; and (6) shear slip along the
horizontal joints does not occur.

The immediate occupancy perfor-
mance level for a properly designed
wall is reached at the yielding state
(i.e., at A,,,,). Thus, Design Objective 1
can be achieved if Ay, is not exceeded
under the design level ground motion
[Fig. 6(a)].

The collapse prevention perfor-
mance level for the walls is as follows:
(1) axial-flexural compression failure
of the wall does not occur; (2) the
post-tensioning steel yields, however,
due to unbonding, the inelastic strains
are not large; (3) inelastic straining of
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Table 1. Proposed seismic design approach.

Seismic input
level

Seismic performance Design
level criteria

Design level ground motion

O Viip 2 Viges
Ve 2 Vies
Allp 2 Ades

5de: = 6all

Immediate occupancy

Survival level ground motion

Acsc = Asur
Actc = Acsc
¢: Vs: 2 Vma.x

A&MF S Ag

Collapse prevention

the post-tensioning steel results in a
reduction in the prestress, however,
the self-centering capability of the
wall is preserved; (4) the wall softens
earlier due to the reduction in pre-
stress, however, the initial lateral load
stiffness and the lateral load strength
of the wall are not reduced; (5) the
gravity load strength of the wall is not
reduced; (6) as a result of the self-cen-
tering capability, the residual lateral
drift of the wall is not excessive; and
(7) shear slip along the horizontal
joints does not occur.

The collapse prevention perfor-
mance level for a properly designed
wall is reached at the failure state (i.e.,
at A..). Thus, Design Objective 2 can
be achieved if A, is not exceeded
under the survival level ground motion
[Fig. 6(a)].

Design Criteria

Seismic design criteria specify re-
quired comparisons between estimated
structure design demands and struc-
ture design capacities. If the capacities
exceed the demands, the design objec-
tives are achieved. Design of an un-
bonded post-tensioned precast wall in-
volves establishing wall design
demands and providing wall design
capacities so that all of the design cri-
teria are satisfied. The design ap-
proach includes eight design criteria
which are described below and sum-
marized in Table 1. Procedures for es-
timating the design demands and ca-
pacities are not described below in full
detail, however, they are given by Ku-
rama et al.

1. Criterion for the base shear ca-
pacity at the yielding state, Vi, —
This design criterion is described using
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the idealized, trilinear base-shear-roof-
drift relationship of a wall shown in
Fig. 6(b). The trilinear relationship is
determined from the softening, yield-
ing, and failure states obtained from
static push-over analysis as described
above and shown in Fig. 3(a).
According to the design approach,
the base shear capacity at the yielding
state, Vj,, is required to be larger than
the design base shear demand, V,,
[Fig. 6(b)]. The design base shear de-
mand, V,, is equal to the linear-elas-
tic base shear demand for the design
level ground motion, Q,,, divided by
a response modification coefficient, R,
in accordance with the equivalent lat-
eral force procedure in NEHRP.? A ca-
pacity reduction factor, ¢y, is applied
to Vy, in accordance with the provi-
sions of the ACI 318 Code.'° Thus:

Qdes
R

¢fVllp2Vdes: (1)

2. Criterion for the base shear ca-
pacity at the softening state, V,; —
The purpose of this criterion is to pre-
vent a premature reduction in the lat-
eral stiffness of the wall. The design
approach requires that the base shear
capacity at the softening state, V,, is
larger than the design base shear de-
mand, V,, [Fig. 6(b)]. A capacity re-
duction factor is not applied to V,; be-
cause the consequences of V,,
exceeding V,; are not considered to be
serious. Thus:

- Qdes
112 Viges R @
3. Criterion for the roof drift ca-
pacity at the yielding state, A;, — In
order to achieve Design Objective 1,
the roof drift capacity at the yielding
state, Ay, is required to be larger than

V,

e

the expected maximum roof drift de-
mand under the design level ground
motion, Ay, (Ags can be estimated
from linear-elastic analysis results
using an equal displacement assump-
tion as described later). Thus:

Allp 2 Ades (3)

4. Criterion for the maximum
story drift under the design level
ground motion, &;,, — The purpose
of this criterion is to control the initial
stiffness of the wall and to control
damage to basic access and life safety
systems. The NEHRP provisions®
specify an allowable story drift, &,.
Accordingly, the expected maximum
story drift demand under the design
level ground motion, &, is required
to be smaller than 8, (J,. can be esti-
mated from linear-elastic analysis re-
sults as described later). Thus:

5dex < 6all (4)

5. Criterion for the roof drift ca-
pacity at the failure state, A,,, — To
achieve Design Objective 2, the roof
drift capacity at the failure state, A,
is required to be larger than the ex-
pected maximum roof drift demand
under the survival level ground mo-
tion, Ay, (4, can be estimated from
linear-elastic analysis results as de-
scribed later). Thus:

ACS(‘ 2 sur (5)
6. Criterion for the size of the spi-
ral confined region near the base —
The purpose of this criterion is to pre-
vent crushing of the concrete in the re-
gion reinforced only with wire mesh
(Fig. 1). The length and height of the
spiral confined wall region near the
base should be large enough to pre-
vent crushing of the concrete inside
the wire mesh. The design approach
requires that the roof drift capacity
corresponding to the crushing of the
concrete inside the wire mesh, A, is
larger than the roof drift capacity at
the failure state, A... Thus:

Acie2 Acse (©)

7. Criterion for the shear slip ca-
pacity, V;, — The purpose of this cri-
terion is to prevent shear slip along the
horizontal joints. The most critical
joint for shear slip is the base-panel-
to-foundation joint because the shear
demand is maximum at the base while
the shear slip capacity is nearly uni-
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form over the wall height due to the
post-tensioning.® The design approach
requires that the expected minimum
shear slip capacity at the base, V, is
larger than the expected maximum
base shear demand under the survival
level ground motion, V,,,, (the estima-
tion of Vi and V,,,, is described later).
A capacity reduction factor, ¢, is ap-
plied to V in accordance with the
ACI 318 Code." Thus:

¢S VIS 2 Vmax (7)

8. Criterion for the maximum
roof drift under the survival level
ground motion, A, — The purpose
of this criterion is to prevent prema-
ture failure of the gravity load resist-
ing system which is not part of a lat-
eral load resisting system, due to
excessive drift. Design of the gravity
load system is not addressed in this
paper. However, it is assumed that the
gravity load system can be designed to
sustain a roof drift of A, = 2.5 percent.
The design approach requires that the
expected maximum roof drift demand
under the survival level ground mo-
tion, Ay,, is smaller than A,. Thus:

A, < Ag= 2.5 percent ®)

PROPOSED SEISMIC
DESIGN PROCEDURE

This section describes the proposed
seismic design procedure for un-
bonded post-tensioned precast walls.
This procedure is based on a paramet-
ric investigation which was conducted
to determine how the wall design ca-
pacities Vy,, Ve, Ayp, and A, are af-
fected by changes in wall design prop-
erties. The wall design properties that
were considered include: (1) initial
stress in the post-tensioning steel, f,;
(2) total area of the post-tensioning
steel, Ap; (3) wall length, /,; (4) loca-
tion of the post-tensioning steel; (5)
unbonded length of the post-tension-
ing steel, ,,;; (6) wall panel spiral re-
inforcement ratio, Psps (7) amount of
gravity load, G; (8) unconfined con-
crete compressive strength, f.; and (9)
wall thickness, ¢,

Approximately 200 nonlinear static
push-over analyses of a number of
walls which differ in only one or two
of the design properties were con-
ducted. The properties of the walls
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which were used in this parametric in-
vestigation are described in detail by
Kurama et al.’ The design capacities
of the walls were determined from the
base-shear-roof-drift relationships ob-
tained from the analyses. Figs. 7(a)
through 7(g) show the base-shear-
roof-drift relationships of some of the
walls. The base shear resistance of the
walls is normalized by V, of a se-
lected wall® with a particular set of
properties, for which Vi, = 358 kips
(1592 kN) [see Fig. 7(e)].

The results in Fig. 7 suggest rela-
tionships between the wall design
properties and the wall design capaci-
ties. For example, Figs. 7(a) and 7(b)
show that V,; is significantly affected
by fp;and A,

Fig. 7(c) shows the normalized base-
shear-roof-drift relationship of four
walls where both f,; and A, are varied
such that the total post-tensioning
force, P;, remains constant (P; = A, f,)-
This figure shows that V,; remains
constant when P; remains constant.
Thus, after selecting trial wall dimen-
sions (i.e., wall length, /,, and wall
thickness, #,,), the first step toward a
design that satisfies the design criteria
is to set fp; to a desired value (usually
55 to 65 percent of the ultimate
strength of the post-tensioning steel,
fpu). Then, A, is determined such that
Vi < Vs to satisfy Design Criterion 2.

Figs. 7(b) and 7(d) show that Vy, is
significantly affected by A, and /,,.
Thus, the next step in design is to
check that A, and /,, are large enough
so that ¢ Vyy, 2 Vg, to satisfy Design
Criterion 1.

The next step in design is to check
that d,,, < 1.5 percent and A, < 2.5
percent to satisfy Design Criteria 4
and 8, respectively. Deflections §,,;
and A, are estimated from the linear-
elastic lateral stiffness of the wall esti-
mated using the wall length, /,, and
the wall thickness, ¢,,.

Figs. 7(a), 7(e), and 7(f) show that
4y, is significantly affected by fyi, Linps
and the location of the post-tensioning
steel. Typically, /,,;, is equal to the
wall height to take full advantage of
unbonded construction. Thus, the next
step in design is to check that f,; and
the location of the post-tensioning
steel are such that 4;, 2 A, to satisfy
Design Criterion 3. It is recommended

that the post-tensioning steel is located
between the two regions of spiral con-
fined concrete so that the spiral con-
fined regions are not weakened by the
presence of the post-tensioning ducts.

The next step in design is to check
that ¢,V < V.., to satisfy Design Cri-
terion 7. This is discussed in more de-
tail later.

Fig. 7(g) shows that A is signifi-
cantly affected by the amount of spiral
reinforcement, pg,. Thus, the final step
in design is to provide sufficient spiral
reinforcement so that A . > Ay, to sat-
isfy Design Criterion 5. Based on the
nonlinear static and nonlinear dynamic
analyses conducted in this research, it
is recommended that interlocking spi-
ral reinforcement is provided over a
length equal to, at least, one-quarter of
the wall length near each bottom cor-
ner and over a height greater than or
equal to the first story, so that A, =
A to satisfy Design Criterion 6.

DESIGN OF
PROTOTYPE WALLS

Six six-story prototype walls were
designed using the design approach
and the design procedure described
above. The prototype walls were de-
signed for sites in two different seis-
mic regions (regions with high seis-
micity and regions with moderate
seismicity) and for sites with three dif-
ferent soil characteristics (stiff soil,
medium soil, and soft soil characteris-
tics). The prototype walls were de-
signed using the 1991 edition of the
NEHRP provisions® as described
below. This edition of the NEHRP
provisions was used because the pro-
totype walls were designed before the
1994 edition was published in May
1995.

The design level and survival level
ground motions which were used in
the design of the prototype walls were
determined from the 1991 edition of
the NEHRP provisions. The design
level ground motion is the NEHRP de-
sign ground motion and has a 90 per-
cent probability of not being exceeded
in 50 years, corresponding approxi-
mately to a 500-year return period.
The prototype walls were designed for
a design level ground motion with a
peak acceleration of 0.40g and 0.10g
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in regions of high seismicity and mod-
erate seismicity, respectively.

The survival level ground motion
has approximately a 90 percent
probability of not being exceeded
in 250 years. The prototype walls
were designed for a survival level
ground motion with a peak acceler-
ation of 1.0g and 0.25g in regions
of high seismicity and moderate
seismicity, respectively. Quantifi-
cation of these ground motions is
described by Kurama et al.®

In the design of the prototype walls,
R = 4.5 was used in Design Criteria 1
and 2, and 6, = 1.5 percent was used
in Design Criterion 4 as specified by
the 1991 edition of the NEHRP provi-
sions.” Capacity reduction factors of ¢y
= 0.75 (for axial compression and
flexure) and ¢, = 0.85 (for shear) were
used in Design Criteria 1 and 7, re-
spectively, in accordance with the ACI
318 Code."°

Additional work is needed to inves-
tigate the effects of the differences be-

tween the 1991 edition of the NEHRP
provisions and the current 1997 edi-
tion on the seismic design and dy-
namic response evaluation of the pro-
totype walls. There are differences in
the design level ground motion, in the
coefficients related to the site soil
characteristics, and in the R and &,
values specified by the two editions.

In the 1991 edition, R = 4.5 is speci-
fied for reinforced concrete bearing
wall systems and §,; = 1.5 percent is
specified for buildings with more than
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Fig. 8. Properties of Wall WH1: (a) elevation;
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(b) cross section near base (enlarged).
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four stories. In the 1997 edition, R =
5.5 is specified for special reinforced
concrete bearing walls and J,; = 2.0
percent is specified for buildings with
more than four stories. There are addi-
tional differences in the combination
of earthquake loads and gravity loads
in the two editions.

BEHAVIOR OF
PROTOTYPE WALLS UNDER
EARTHQUAKE LOAD

This section describes the expected
dynamic response of the prototype
walls under earthquakes. The proto-
type walls were designed as described
above, and more than 200 nonlinear
dynamic time-history analyses of
these walls were conducted using a
total of 15 design level and 15 survival
level ground motion records.®

The following sections focus on the
dynamic analyses of the prototype

walls designed for regions with high
seismicity. The dynamic analyses of
the prototype walls that were designed
for regions with moderate seismicity
are discussed by Kurama et al.® Fig. 8
shows the properties of one of the
prototype walls (referred to as Wall
WH1) designed for a region with high
seismicity and a site with a medium
soil profile, for the prototype structure
shown in Fig. 5. Most of the discus-
sion in this section is based on this
wall. The dynamic analyses were con-
ducted with a viscous damping ratio
of 3 percent and a time step of 0.01
seconds.

Hysteretic Behavior

Fig. 9 shows the response of Wall
WHI1 under the Hollister ground mo-
tion (recorded on a site with a medium
soil profile during the 1989 Loma Pri-
eta earthquake) scaled to a peak accel-
eration of 1.0g to represent a severe

survival level ground motion. This
ground motion was selected from a
larger set of ground motions and has
the potential to severely damage Wall
WH1.¢ The behavior of Wall WH1
under static cyclic lateral load was
shown previously in Fig. 4.

Fig. 9(a) shows the base-moment-
base-rotation hysteretic response and
the heavy solid line in Fig. 9(b) shows
the roof-drift time-history. Figs. 9(c)
and 9(d) show two hysteresis loops
taken from Fig. 9(a). Fig. 9(c) shows a
hysteresis loop before the yielding
state is reached [between 6.3 and 7.5
seconds as indicated by two solid dots
and vertical dashed lines in Fig. 9(b)],
before the large roof drift excursion
that occurs at approximately 8 seconds.
Similarly, Fig. 9(d) shows a hysteresis
loop after the yielding state has been
exceeded [between 26.1 and 27.7 sec-
onds, also indicated by two solid dots
and vertical dashed lines in Fig. 9(b)].
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Fig. 9. Behavior under earthquake load: (a) base-moment-base-rotation hysteresis; (b) roof-drift time-history; (c) response between
time = 6.3 and 7.5 seconds; (d) response between time = 26.1 and 27.7 seconds.
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The shape of the hysteresis loops
under dynamic loading (Fig. 9) are
similar to those under static cyclic
loading (Fig. 4). The hysteresis loop
in Fig. 9(c) dissipates more energy
than the hysteresis loop in Fig. 4(b)
because of the 3 percent viscous
damping that was used in the dynamic
analysis.

Figs. 9(c) and 9(d) show that soften-
ing of the wall occurs at a smaller base
moment after the yielding state has
been exceeded in a previous cycle (as
discussed earlier using Fig. 4). Be-
cause of the early softening, the maxi-
mum base moment reached during the
hysteresis loop in Fig. 9(d) is smaller
than the maximum base moment
reached during the hysteresis loop in
Fig. 9(c) (even though the roof drifts
reached during the two loops are simi-
lar). It is noted that the reduction in
the maximum base moment reached in
Fig. 9(d) indicates a reduction in the
moment at which the wall softens, and
not a reduction in the ultimate strength
of the wall. As shown in Fig. 4(c),
there is no significant reduction in the
ultimate strength of the wall until the
failure state is exceeded.

Fig. 9(b) shows a comparison be-
tween the roof-drift time-history of
Wall WH1 (heavy solid line) and the
roof-drift time-history of a cast-in-
place reinforced concrete wall (light
solid line). The cast-in-place wall has
the same strength, initial stiffness,
drift capacity, initial fundamental pe-
riod, and viscous damping as Wall
WH1. Thus, the only difference be-
tween the walls is their hysteretic be-
havior under lateral load. The hys-
teretic behavior of Wall WH1 is
shown in Fig. 4. The inelastic energy
dissipation of the cast-in-place wall is
approximately twice the inelastic en-
ergy dissipation of Wall WH1. How-
ever, the cast-in-place wall does not
have a self-centering capability.®

Three important differences are ob-
served between the response of Wall
WHI1 and the cast-in-place wall: (1)
the maximum roof drift of Wall WH1
is larger than that of the cast-in-place
wall; (2) the response of Wall WH1
decays (damps out) less rapidly result-
ing in a large number of large drift cy-
cles; and (3) Wall WHI1 oscillates
around the zero-drift position,
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whereas, the cast-in-place wall accu-
mulates a significant residual drift
(residual roof drift = 3 percent).

Based on the results of the dynamic
analyses (using seven ground motions
recorded on sites with a medium soil
profile), the maximum roof drift of
Wall WHI1 is, on average, 38 percent
larger than that of the cast-in-place
wall under design level (0.40g) ground
motions, and 41 percent larger than
that of the cast-in-place wall under
survival level (1.0g) ground motions.®

Maximum Roof Drift and
Story Drift Demands

Satisfactory seismic response of an
unbonded post-tensioned precast wall
depends on the maximum roof drift
reached during a ground motion. For a
design level ground motion, if the
maximum roof drift exceeds the ex-
pected maximum roof drift demand,
Ages, or if the maximum story drift ex-
ceeds the expected maximum story
drift demand, dg,, unexpected struc-
tural and/or nonstructural damage may
occur. For a survival level ground mo-
tion, if the maximum roof drift ex-
ceeds the expected maximum roof
drift demand, A,,,, the wall may suffer
an axial-flexural compression failure
due to crushing of the spiral confined
concrete. Thus, accurate estimates of
Agess 0405, and Ay, are needed for de-
sign.

In the design of the prototype walls,
Agess 0405, and Ay, were estimated
using an equal displacement assump-
tion. According to the equal displace-
ment assumption, a nonlinear system
and a linear-elastic system with the
same initial fundamental (first mode)
period have similar maximum drift de-
mands for a given ground motion.
Thus, Ag,, O and A, are estimated
from linear-elastic analysis results
[Fig. 6(b)].

For the linear-elastic analysis, the
distribution of the lateral forces over
the height of the wall is determined
using the equivalent lateral force pro-
cedure in NEHRP.® The gravity loads
(i.e., dead and live loads) are deter-
mined from the load combinations in
NEHRP. The deflections Ay, and §,,,
are the roof drift and the maximum
story drift (which occurs in the top
story) at a base shear equal to the lin-

ear-elastic base shear demand for the
design level ground motion, Q,,, [Fig.
6(b)]. A, is the roof drift at a base
shear equal to the linear-elastic base
shear demand for the survival level
ground motion, Q,,. Q4 and Q,,, are
calculated using the NEHRP design
response spectrum’® scaled to represent
either the design level or the survival
level ground motion.

The equal displacement assumption
is usually applicable to structural sys-
tems with wide and stable (i.e., duc-
tile) hysteresis loops, with fundamen-
tal periods longer than, approximately,
0.5 seconds, and located on sites with
a stiff soil profile.!! The prototype
walls have fundamental periods which
are longer than 0.5 seconds and have
stable but narrow hysteresis loops.
The applicability of the equal dis-
placement assumption to the prototype
walls is discussed below using Fig. 10.

Figs. 10(a) and (b) show the roof-
drift time-history of Wall WH1 under
the Newhall ground motion (recorded
on a site with a medium soil profile
during the 1994 Northridge earth-
quake) scaled to peak accelerations of
0.40g and 1.0g to represent design
level and survival level ground mo-
tions, respectively. Similarly, Figs.
10(c) and (d) show the roof-drift time-
history of another prototype wall,
Wall WH4, designed for a region with
high seismicity and a site with a soft
soil profile, under the Foster City
ground motion (recorded on a site
with a soft soil profile during the 1989
Loma Prieta earthquake) scaled to
0.40g and 1.0g. Similar to the Hollis-
ter ground motion, the Newhall and
Foster City ground motions were se-
lected from a larger set of ground mo-
tions and have the potential to
severely damage Walls WH1 and
WH4.¢ Walls WH1 and WH4 have
fundamental periods of 0.65 and 0.50
seconds, respectively.

Fig. 10 shows that the A, and A,
values estimated using the equal dis-
placement assumption (indicated by
the dashed horizontal lines) underesti-
mate the maximum roof drift reached
during the dynamic analyses.

The maximum roof drift demand for
Wall WHI1 estimated using the equal
displacement assumption is Ay, =
0.81 percent and Ay, = 2.0 percent for
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Fig. 10. Roof-drift time-history: (a) Wall WH1 under the Newhall ground motion scaled to 0.40g; (b) Wall WH1 under the
Newhall ground motion scaled to 1.0g; (c) Wall WH4 under the Foster City ground motion scaled to 0.40g; (d) Wall WH4 under
the Foster City ground motion scaled to 1.0g.

the design level and survival level
ground motions, respectively. The av-
erage maximum roof drift obtained
from the dynamic analyses (using
seven ground motions recorded on
sites with a medium soil profile) is
0.93 percent and 3.2 percent for the
design level (0.40g) and survival level
(1.0g) ground motions, respectively.®
Similarly for Wall WH4, the maxi-
mum roof drift demand estimated
using the equal displacement assump-
tion is A, = 0.61 percent and A, =
1.5 percent for the design level and
survival level ground motions, respec-
tively. The average maximum roof
drift obtained from the dynamic analy-
ses (using three ground motions
recorded on sites with a soft soil pro-
file) is 0.91 and 3.9 percent for the de-
sign level (0.40g) and survival level
(1.0g) ground motions, respectively.®
The difference between the esti-
mated maximum roof drift demand
and the maximum roof drift from the
dynamic analyses is larger for the sur-
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vival level ground motions than for
the design level ground motions, and
is larger for walls designed for sites
with a soft soil profile than for sites
with a medium soil profile. The results
also indicate that there is a large scat-
ter in the maximum roof drift demand
for sites with medium or soft soil pro-
files, particularly for the survival level
ground motions.

The dynamic analysis results show
that the equal displacement assump-
tion would, on average, provide a rea-
sonable estimate of the maximum roof
drift demands for walls designed for
sites with a stiff soil profile but not for
sites with medium or soft soil profiles.
Improved methods to estimate the
maximum roof drift demands for walls
designed for sites with medium or soft
soil profiles are needed for design.

Post-Tensioning Steel Forces

This section investigates the reduc-
tion in prestress that occurs due to in-

elastic straining of the post-tensioning
steel during loading cycles beyond the
yielding state as described earlier. Fig.
11(a) shows the time-history of the
total force in the post-tensioning steel
in Wall WH1 during the Newhall
ground motion scaled to peak acceler-
ations of 0.40g and 1.0g representing
design level and survival level ground
motions, respectively. The total post-
tensioning steel force is normalized
with respect to the total ultimate
strength of the post-tensioning steel.
Fig. 11(a) shows that there is a sig-
nificant reduction in the total post-ten-
sioning steel force under the survival
level (1.0g) ground motion. This is ex-
plained below using Fig. 11(b), which
shows the roof-drift time-histories of
the wall during the two ground mo-
tions [which are also shown in Figs.
10(a) and 10(b)]. The horizontal lines
in Fig. 11(b) indicate the roof drift at
which the yielding state is reached
(i.e., Ay, = 0.82 percent) during static
push-over analysis of the wall.
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The local maxima on the post-ten-
sioning steel force time-histories in
Fig. 11(a) correspond to local maxima
in the roof-drift time-histories in Fig.
11(b) (i.e., maximum total post-ten-
sioning steel forces are reached at
maximum roof drift). The local min-
ima on the post-tensioning steel force
time-histories correspond to times of
zero roof drift. The reduction in the
total post-tensioning steel force at zero
roof drift which occurs in Fig. 11(a) is
a measure of the reduction in prestress
due to inelastic straining of the post-
tensioning steel.

During the design level (0.40g)
ground motion, the maximum inelastic
strain reached in the post-tensioning
steel is very small and, thus, the corre-
sponding reduction in prestress is very
small. As shown in Fig. 11(a), there is
a very small reduction in prestress at
around 6 seconds which occurs as a
result of the inelastic straining of the
post-tensioning steel when the roof
drift at the yielding state (4,) is ex-
ceeded as shown in Fig. 11(b).

During the survival level (1.0g)
ground motion, significant yielding of
the post-tensioning steel occurs, re-
sulting in a significant reduction in
prestress. The solid line in Fig. 11(b)
shows a large positive roof drift cycle
around 4 seconds which significantly
exceeds Ay,. This results in inelastic
straining of the post-tensioning steel
and reduction of the total post-tension-
ing steel force at zero roof drift as
shown in Fig. 11(a), thus, a reduction
in prestress occurs. In the two subse-
quent roof drift cycles, 4y, is exceeded
even further, resulting in additional in-
elastic straining of the post-tensioning
steel, and thus, additional reduction in
prestress. The roof drift cycles that
follow are smaller and do not cause
further reduction in prestress.

As described earlier, the proposed
design approach requires that 4y, is
not reached under the design level
ground motion [Fig. 6(a)]. Thus, re-
duction in prestress under the design
level ground motion should not occur.
Under the survival level ground mo-
tion, roof drift cycles that significantly
exceed Ay, are allowed by the design
approach, possibly resulting in signifi-
cant reduction in prestress as shown in
Fig. 11(a).
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Fig. 11. Post-tensioning steel forces: (a) time-history of normalized total post-
tensioning (PT) steel force; (b) time-history of roof drift.

The reduction in prestress has two
important effects on the dynamic re-
sponse: (1) it changes the hysteretic
behavior of the wall as shown in Fig.
9(a) and described using Fig. 4 (i.e.,
earlier softening of the wall occurs,
however, the self-centering capability
is preserved); and (2) it significantly
reduces the shear slip capacity of the
wall as discussed in the next section. It
is important that the reduction in pre-
stress is considered in the seismic de-
sign of walls for the survival level
ground motion. The proposed design
approach includes a method to esti-
mate the maximum reduction in pre-

stress under the survival level ground
motion, which can be found in Ku-
rama et al.®

Shear Slip

As described earlier, the proposed
design approach requires that shear
slip along the horizontal joints is pre-
vented (i.e., ¢V, = V,,.). This re-
quires an estimate of the expected
maximum base shear demand under
the survival level ground motion, V,,,,
and the expected minimum shear slip
capacity of the base-panel-to-founda-
tion joint, V. This is described below.
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Expected maximum base shear
demand, V,,,, — Fig. 12(a) shows the
base shear time-history of Wall WH1
obtained from a nonlinear dynamic
time-history analysis under the
Newhall ground motion scaled to 1.0g
to represent a survival level ground
motion. The light dashed horizontal
lines indicate the maximum base shear
reached during a nonlinear static push-
over analysis of the wall under com-
bined gravity loads and lateral loads.

In the nonlinear static push-over
analysis, the distribution of the lateral
loads over the height of the wall is
based on the equivalent lateral force
procedure in NEHRP.? The maximum
base shear reached during the static
analysis is referred to as the static
maximum base shear, V., and the
maximum base shear reached during
the dynamic analysis is referred to as
the dynamic maximum base shear,
Vomaxa- Fig. 12(a) shows that V,,,, 5 is
significantly larger than V,,,, ;.

Fig. 12(b) shows the lateral inertia
forces (i.e., the forces that develop at
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the floor and roof levels as a result of
the acceleration of the floor and roof
masses) corresponding to five of the
largest peaks on the base-shear time-
history shown in Fig. 12(a) (numbered
P1 through P5). P1 corresponds to the
dynamic maximum base shear, V,,,, 4.
For comparison, the lateral forces cor-
responding to V,,, ; are shown by the
dashed line in Fig. 12(b). The location
of the resultant of each set of forces is
shown by a solid circular marker.

The distribution of the lateral forces
corresponding to V,,,. ; is essentially a
first mode distribution. The resultant
of these forces is located at 0.784,,
from the base of the wall, where 4,, is
the height of the wall. The resultant of
the inertia forces corresponding to
Vmax.a (i-€., P1) is located at 0.27h,,
from the base of the wall (significantly
lower than 0.784,,). The static maxi-
mum base shear, V,,,,;, can be related
to the dynamic maximum base shear,
V max.a» Using the base moment capacity
of the wall, My: V,5.s = My, / 0.78h,,
and V0 = My, [ 0.27h,,. Thus, V04

is roughly 2.9 times V,,,, ;. This differ-
ence is attributed to the effect of
higher modes (with shorter periods
and lower resultant heights) which
contribute significantly to the inertia
forces.

For a wall responding in the non-
linear range, the increase in the base
shear demand, V/,,,,, due to the higher
modes cannot be estimated accu-
rately from a linear-elastic modal
analysis procedure such as the one
described in NEHRP.’? This is be-
cause the effect of higher modes on
the maximum base shear increases
significantly due to the nonlinear be-
havior of the wall. Nonlinear behav-
ior results in a decrease in the lateral
stiffness (softening) which results in
an elongation of the modal periods.
Period elongation often results in an
increase in the contribution of the
higher modes to the inertia forces.
Thus, the contribution of the higher
modes to the base shear increases
and can be comparable to the contri-
bution of the first mode.
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The proposed design approach in-
cludes a method to estimate the maxi-
mum base shear demand under the
survival level ground motion, account-
ing for the effect of higher modes in
the nonlinear range of response.® This
method is based on a method devel-
oped by Kabeyasawa'? and Aoyama'
for cast-in-place reinforced concrete
walls. The thick dashed horizontal
lines in Fig. 12(a) indicate the ex-
pected maximum base shear demand,
V max> €stimated using this method. Fig.
12(c) shows a comparison between
Vax and the dynamic maximum base
shear V,,,, ; obtained from the analy-
ses of Wall WH1 under 15 ground
motion records scaled to 1.0g. The
horizontal axis of Fig. 12(c) is the
maximum incremental velocity of the
ground motions. The maximum incre-
mental velocity of a ground motion is
equal to the maximum area under the
acceleration time-history of the
ground motion between two zero
crossings. The results indicate that
Vmax Provides a good upper bound to
Vmax,d-

Shear slip capacity, V, — The ex-
pected minimum shear slip capacity,
Vs of an unbonded post-tensioned pre-
cast wall is calculated as the product
of the coefficient of shear friction, u
along the base-panel-to-foundation
joint and the compression force acting
through the joint.® In the design of the
prototype walls, the coefficient of
shear friction, u, was assumed to be
0.7 as specified by the ACI 318 Code!®
for joints between precast members.
The compression force acting through
the base-panel-to-foundation joint was
taken as the sum of the axial force due
to gravity and the total post-tensioning
steel force.

A minimum total post-tensioning
steel force was used to calculate V;
considering a reduction in the initial
total post-tensioning steel force (i.e.,
prestress) due to the inelastic straining
of the steel. The minimum total post-
tensioning steel force was calculated
assuming that the wall displaces, in
both directions, to A,,. This is de-
scribed in more detail by Kurama et al.

Fig 12(d) shows the shear-slip ca-
pacity time-history (solid lines) of
Wall WH1 under the Newhall ground
motion scaled to 1.0g. The shear slip

May-June 1999

capacity time-history is calculated
using ¢,u = 0.6. The shear slip capac-
ity varies during the ground motion
because the total post-tensioning steel
force varies as shown in Fig. 11(a).
The minimum shear slip capacity is
reached when the minimum total post-
tensioning steel force is reached. The
dashed line in Fig. 12(d) shows the
base-shear time-history of the wall
[the same with Fig. 12(a)]. The most
critical time for shear slip occurs at
around 6 seconds when the maximum
base shear, V,,,, 4 is reached just be-
fore the minimum shear slip capacity
is reached. At this time, the shear slip
capacity exceeds the base shear indi-
cating that shear slip does not occur.

It is noted that additional work on
the estimation of the shear slip capac-
ity is needed. The coefficient of shear
friction of the base-panel-to-founda-
tion joint in an unbonded post-ten-
sioned precast wall may be smaller
than 0.7 as a result of the high com-
pression stresses that occur in the joint
due to post-tensioning and gap open-
ing. Furthermore, the shear slip capac-
ity of the joint may degrade under
cyclic loading. Therefore, it is recom-
mended that a conservative value of
the coefficient of shear friction be
used in design.

CURRENT RESEARCH

Currently, a large-scale experimen-
tal evaluation of the lateral load be-
havior of unbonded post-tensioned
precast walls is being conducted at
Lehigh University. Nine half-scale
six-story wall specimens are being
tested under combined gravity loading
and cyclic lateral loading. Based on
the results of these tests, the lateral
load behavior of the walls will be
evaluated and the shear slip capacity
of the walls will be quantified.

The current research at the Leheigh
University is funded by the National
Science Foundation under Grant No.
CMS-9612165, with substantial sup-
port from the precast concrete industry
which has donated the test specimens
and test fixtures, and has provided
technical support for the design of the
test specimens.

More recently, an analytical investi-
gation of the effect of large openings
(in the wall panels) on the seismic be-

havior and design of unbonded post-
tensioned precast walls has been initi-
ated at the University of Notre Dame.
The openings can accommodate doors,
windows, and mechanical penetrations
which may be needed due to architec-
tural or functional requirements.

The current research at the Univer-
sity of Notre Dame is funded in part
by the Precast/Prestressed Concrete
Institute by a 1998-1999 Daniel P.
Jenny Research Fellowship. Detailed
finite element models of the walls are
being developed using the ABAQUS
program. These models will be veri-
fied based on experimental results ob-
tained at Lehigh University and will
be used to investigate the effect of
large openings in the walls.

CONCLUSIONS

The research summarized in this
paper shows that unbonded post-ten-
sioned precast walls provide a feasible
alternative to conventional monolithic
cast-in-place concrete walls in seismic
regions. Conclusions regarding the
seismic behavior and design of the
walls are presented below.

1. Unbonded post-tensioned precast
walls have the ability to soften and un-
dergo large nonlinear lateral drift with
little damage. As a result, only minor
repair to the walls may be needed after
a design level ground motion.

2. The nonlinear drift occurs primar-
ily due to the opening of gaps along
the horizontal joints.

3. Because little damage occurs in
the walls, the behavior of the walls
under cyclic lateral load is nearly non-
linear-elastic.

4. Unbonded post-tensioned precast
walls can be designed to resist design
level ground motions with little dam-
age, and to resist severe survival level
ground motions with damage, but
without collapse. Design guidelines
and requirements to obtain this behav-
ior are presented in the paper.

5. Accurate estimates of the maxi-
mum lateral drift demands under de-
sign level and survival level ground
motions are needed for design. The
method used to estimate the maximum
drift demands in the proposed design
approach needs to be improved.

6. Nonlinear dynamic time-history
analyses show that, as a result of the
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nearly nonlinear-elastic behavior, an
unbonded post-tensioned precast con-
crete wall has larger lateral drift under
earthquake loading than a comparable
cast-in-place reinforced concrete wall.
However, an unbonded post-tensioned
precast wall has significantly smaller
residual drift (at the end of the ground
motion) than a cast-in-place wall.

7. Shear slip along the horizontal
joints is not a desired mode of lateral
displacement. Shear slip under severe
survival level ground motions can be
prevented using the proposed design
approach.

8. Inelastic straining of the post-ten-
sioning steel during a ground motion
results in a reduction in the total post-
tensioning steel force. This reduction
significantly affects the hysteretic be-
havior of the walls and results in a re-
duction in the shear slip capacity. The
design approach includes a method to
estimate the reduction in the total
post-tensioning steel force under sur-
vival level ground motions.

RECOMMENDATIONS

Preliminary design recommenda-
tions are described in the paper.
These include recommendations re-
garding the selection of the wall
design properties (e.g., initial stress
in the post-tensioning steel, total area
of the post-tensioning steel, wall
length, unbonded length of the post-
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tensioning steel, location of the post-
tensioning steel, amount of spiral rein-
forcement) to achieve the design ca-
pacities as required by the proposed
design approach. Design examples and
more comprehensive design recom-
mendations are expected to be devel-
oped based on the current experimen-
tal and analytical research.

The dynamic analysis results indicate
that the equal displacement assumption
can be used to estimate the maximum
roof drift demands for walls designed
for sites with a stiff soil profile but not
for sites with medium or soft soil pro-
files. Improved methods to estimate the
maximum roof drift demands for sites
with medium and soft soil profiles are
expected to be developed and incorpo-
rated into the proposed design approach
based on current research.

Shear slip along the horizontal joints
is prevented by requiring that the mini-
mum shear slip capacity of the base-
panel-to-foundation joint is larger than
the maximum base shear demand. The
paper proposes a method to estimate
the maximum base shear demand in-
cluding the effect of higher modes, and
a method to estimate the minimum
shear slip capacity including the reduc-
tion in prestress due to inelastic strain-
ing of the post-tensioning steel. It is
recommended that a conservative value
of the coefficient of shear friction be
used in design. Further recommenda-
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tions regarding the shear slip capacity
are expected to be developed based on
the current experimental research.
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